REPORT

S T R U C T U R A L

A N D

C I V I L

E N G I N E E R S

C H R I S T C H U R C H

R E V I E W

O F

A V A I L A B L E

E N G I N E E R I N G

P R E P A R E D

C H U R C H

R E PO R T S

F O R

P R O P E R T Y

1 0 6 3 2 4

M A R C H

C A T H E D R A L

2 0 1 3

T R U S T E E S

REVIEW OF THE AVAILABLE ENGINEERING REPORTS FOR THE CHRISTCHURCH
CATHEDRAL

Prepared For:
CHURCH PROPERTY TRUSTEES
Date:
Project No:
Revision No:

25 March 2013
106324
3

Prepared By:

Reviewed By:

John Hare
DIRECTOR

Stuart Oliver
TECHNICAL DIRECTOR

Holmes Consulting Group Limited
Christchurch Office

REPORT ISSUE REGISTER

DATE

REV. NO.

REASON FOR ISSUE

18/01/13

1

Internal review

22/01/13

2

Church Property Trustees review

25/03/13

3

Formal release

CONTENTS

Page
EXECUTIVE SUMMARY
1.

2.

ES 1

INTRODUCTION

11

1.1

Scope of Work.................................................................................... 1 1

1.2

Limitations .......................................................................................... 1 1

REPORTS PREPARED BY OTHER PARTIES
2.1

2.2

2.3

2.4

21

The Independent Panel of Structural Engineers report ............................. 2 1
2.1.1

Strengthening Options.......................................................... 2 1

2.1.2

Temporary Shoring and Protection......................................... 2 2

2.1.3

Worker Safety ...................................................................... 2 2

2.1.4

Conclusions......................................................................... 2 2

The CERA Review of the IPSE Report ..................................................... 2 3
2.2.1

IPSE Report.......................................................................... 2 3

2.2.2

Review of the CPT options..................................................... 2 4

2.2.3

Conclusions......................................................................... 2 4

The Ruamoko Solutions Letter .............................................................. 2 4
2.3.1

Temporary Shoring and Protection......................................... 2 4

2.3.2

Strengthening Options.......................................................... 2 6

2.3.3

Conclusions......................................................................... 2 6

The Jackie Gillies & Associates Letter .................................................... 2 6
2.4.1

Temporary Protection ........................................................... 2 6

2.4.2

Strengthening Measures........................................................ 2 8

2.4.3

Contemporary Additions ....................................................... 2 8

N:\106324\WP\106324RTMar2013 R3.doc

i

Revision 3, 25 March 2013

2.4.4
2.5
3.

6.

31

3.1

Analysis Methodolgy............................................................................ 3 1

3.2

Seismic Loading.................................................................................. 3 2

3.3

Finite Element Model........................................................................... 3 3

3.5

5.

Summary.......................................................................................... 2 12

SEISMIC ASSESSMENT

3.4

4.

Conclusions......................................................................... 2 8

3.3.1

Masonry Walls ..................................................................... 3 5

3.3.2

Roof Structure ...................................................................... 3 5

3.3.3

Foundations ........................................................................ 3 6

3.3.4

Masses................................................................................ 3 6

Analysis of Unstrengthened Building ..................................................... 3 6
3.4.1

Evaluation Procedure ........................................................... 3 6

3.4.2

Analysis Results .................................................................... 3 7

Analysis of strengthened Building........................................................ 3 10
3.5.1

Strengthening Methodology ................................................ 3 10

3.5.2

Aisle Roof Bracing .............................................................. 3 11

3.5.3

Aisle Roof Bracing & North South Reinforced Concrete Walls. 3 12

3.6

Seismic Assessment Conclusions......................................................... 3 17

3.7

Comparision With Current Code Requirements.................................... 3 18

3.8

Comparision of Nonlinear Analysis Results with Observed building
performance..................................................................................... 3 19

3.9

Future Analysis and Strengthening Solutions ........................................ 3 20

DAMAGE ASSESSMENT

41

4.1

Summary of existing Damage State....................................................... 4 1

4.2

Implications of Damage....................................................................... 4 2

4.3

Discussion .......................................................................................... 4 2

SHORING AND TEMPORARY PROTECTION

51

5.1

Safety Objectives ................................................................................ 5 1

5.2

Temporary Protection Objectives .......................................................... 5 1

CONCLUSIONS

N:\106324\WP\106324RTMar2013 R3.doc

61

ii

Revision 3, 25 March 2013

7.

REFERENCES

71

APPENDICES
APPENDIX A

DESCRIPTION AND HISTORY

APPENDIX B

BUILDING PERFORMANCE IN SEPTEMBER 4TH AND
DECEMBER 26th 2010 EARTHQUAKES

APPENDIX C

BUILDING PERFORMANCE IN FEBRUARY 22ND EARTHQUAKE

APPENDIX D

MINUTES FROM ENGINEERS MEETING OF 12th MARCH

N:\106324\WP\106324RTMar2013 R3.doc

iii

Revision 3, 25 March 2013

EXECUTIVE SUMMARY

Holmes Consulting Group has completed a further evaluation of the available independent
engineering reports and opinions on the ChristChurch Cathedral, as required by the High Court
of New Zealand Interim Judgement of November 2012.
From our review we have concluded that there is no new information to hand that significantly
changes our engineering evaluation of either the temporary shoring options or the potential
strengthening solutions for the building.
As part of this review, we have summarised the engineering evaluations and damage
assessments that have been completed for the building as well as further discussion of these in
respect of the decision making process that has been followed, from an engineering
perspective.

N:\106324\WP\106324RTMar2013 R3.doc

ES 1

Revision 3, 25 March 2013

1. INTRODUCTION

Holmes Consulting Group has been engaged by the Church Property Trustees to review the
independent engineering reports and opinions prepared by others in respect of the former
ChristChurch Anglican Cathedral (the building) and to prepare a report that summarises our
findings. The primary purpose of this report is to respond to the Interim Judgement of the
High Court [1], para1761, requiring that consideration is given to matters raised in these other
reports.
Further to a meeting with the NZ Historic Places Trust, this report has been expanded to also
include a more comprehensive account of the structural evaluations and findings completed for
the building both prior to and since the Christchurch earthquakes, and our overall assessment
of the structural performance of the building in the February 2011 Christchurch Earthquake.
1.1 SCOPE OF WORK

The scope of work for this project included the following:
1.

Review reports and opinions prepared by others in respect of the possible temporary
support and strengthening of the Building and summarise our views accordingly.

2.

Summarise the structural assessments completed on the building, including that done
prior to the 2010 earthquakes as part of the previous strengthening studies.

3.

Summarise the damage to the building and its current condition, including discussion of
the implications of the damage for the building.

1.2 LIMITATIONS

Findings presented as a part of this project are for the sole use of the Church Property Trustees
in their evaluation of the subject property. The findings are not intended for use by other
parties, and may not contain sufficient information for the purposes of other parties or other
uses. Our professional services are performed using a degree of care and skill normally
exercised, under similar circumstances, by reputable consultants practicing in this field at this
time. No other warranty, expressed or implied, is made as to the professional advice presented
in this report.

1

Great Christchurch Building Trust v Church Property Trustees, Interim Judgement:

[176] Fifthly, this proceeding has exposed contestable issues about engineering, cost, and other
aspects that were not before the CPT when it made its decision (at least in t he detail now
available). Given the importance of the decision, the CPT should have the benefit of considering
those matters.

N:\106324\WP\106324RTMar2013 R3.doc

11

Revision 3, 25 March 2013

2. REPORTS PREPARED BY OTHER PARTIES

In this section, the known engineering reports and/or published opinions are discussed, and
our conclusions are presented as to their relevance or appropriateness for application to the
building.
Reports or opinions have been reviewed from:
•

The Independent Panel of Structural Engineers (IPSE) report, commissioned by the
Great Christchurch Building Trust [2].

•

The CERA review of the IPSE report, dated 12 December 2012 [3].

•

The Ruamoko Solutions letter dated 28 November 2012, and attached report [4].

•

The Jackie Gillies + Associates letter dated 19 December 2012 [5]

•

The Independent Panel of Structural Engineers second report, dated 28 February 2013,
commissioned by the Great Christchurch Building Trust [6].

2.1 THE INDEPENDENT PANEL OF STRUCTURAL ENGINEERS FIRST
REPORT

The IPSE report was fully reviewed by Holmes Consulting Group in advance of the High
Court hearing, as reported in our letter of 18 July, 2012[7].
The IPSE report offered no new solutions for the strengthening of the building that had not
already been considered in principle. It focused primarily on methods of temporary retention
and protection.
Drawing on our previous report, we note as follows:
2.1. 1 St r e ngt h e ni ng O pt i on s

In respect of strengthening measures, the IPSE report either explicitly states or implies that it
agrees with the overall engineering approaches taken by HCG in the consideration of possible
options for retention of the building.
In providing a list of potential strengthening methods, it covers methods and techniques
already considered in principle or in detail. It confirms the opinion, already given by HCG, that
the building could be restored either in full or in part.
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The IPSE report further addresses both deconstruction (DCO) and maximum retention
(MRO) methodologies, both of which have been previously considered and addressed in the
options decision matrix proposed by HCG[8] in January, 2012.
2.1. 2 T e mp or ar y Sh o ri ng a nd P r ot ect i o n

The IPSE review has placed considerable emphasis on the maximum retention option, with the
inclusion of a reasonably detailed methodology for the shoring of the nave. However we note
that the general approach and sequence of works is very similar to that already outlined by
HCG[9] in February, 2012.
It should be noted that the HCG reports developed each of the considered options to a
consistent level, in order for the quantity surveyor to prepare comparative costings. The
preparation of detailed methodologies would normally be a joint effort between contractor and
engineer, given that the responsibility for site safety generally lies with the contractor.
The IPSE offered an opinion, with no supporting material, that the maximum retention options
offered would be more cost effective than deconstruction and rebuilding, if the building is to
be fully reinstated. This is disputed, as the Quantity Surveyor’s advice had already confirmed
that this approach would be more costly in the longer term.
2.1. 3 W o rk er Sa f et y

The IPSE review proposed a methodology which it claimed would in principle enable all work
to be executed beneath a protective gantry without exposure to any falling hazards. This would
preclude the need to use safe havens2, which are not acceptable to CERA. However it is our
view that this is a practical impossibility, as the need to make connections, place packing and
protection, locate shoring elements etc. requires workers to exit the protective gantry.
Although time of exposure and hence risk may be limited, it cannot be eliminated. Further, the
proposed mechanical gantry system would be highly elaborate in order to accommodate
changes in level, constricted entry points and difficult geometry. The necessary level of
elaboration to eliminate worker exposure would render this uneconomic.
2.1. 4 C o ncl u s i o ns

Since to the interim judgement, HCG contacted Tony Shears of Opus, the Manager of the
IPSE team (in December 2012). Mr Shears confirmed that the IPSE team had done no further
work. Subsequently, the IPSE team has in fact prepared a further report, which was made
available to HCG on 4th March, 2013. This report is reviewed below.
Our summary at that time was as follows:
Summary
In responding to the questions posed by the Great Christchurch Buildings Trust, the
IPSE report has generally supported the earlier conclusions reached by Holmes
Consulting Group (HCG). The panel has not provided any significant ‘game changers’
in its review of the HCG reports, but it has provided amplified detail of a maximum
retention option methodology for the temporary works. This follows generally the

2

In this context the use of safe havens denotes that workers may be working in hazardous
areas but will run under cover (i.e. safe haven) if there is any shaking. A lookout is stationed
with a siren to alert workers to the need to get under cover. The insurmountable problem with
this approach is that if the shaking reaches high levels of intensity, workers are unlikely to be
able to maintain their footing in order to reach the safe haven,
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same sequence proposed already by HCG; and for which a cost estimate was prepared
by Church Property Trustee’s quantity surveyor as part of the comparative costing
exercise completed in February 2012 prior to the decision to deconstruct.
The panel has informally offered an opinion that the maximum retention option could
be cost effective in comparison with deconstruction and rebuilding from sill level, but
that has not been tested by a quantity surveyor. Without this, the opinion is
questionable, as the shoring system described is mechanically elaborate and a major
engineering undertaking in itself, by contrast with conventional construction
techniques that could be employed in rebuilding following the deconstruction.
However this method has the benefit of greater retention of heritage fabric, if the
building is to be restored to its original form.
In response to the questions that HCG was requested specifically to address:
1. There have been no new structural engineering options proposed by the panel
that have not already been considered by CPT and its consultants.
2. The methodology proposed by the panel cannot practically achieve full
protection of workers to the level previously required by CERA, which allows
no use of safe havens.
3. The shoring methodology proposed by the panel may be designed to achieve a
high degree of protection of the remaining building during restoration, but at
considerable expense. Given the impact of seismic strengthening, only the
roof will remain substantially unaltered through the process.
4. Once strengthened, the building can achieve a high degree of seismic
protection as previously stated by HCG as well as the panel; but it may never
achieve the same level of functional performance as a new cathedral, or a
cathedral that encompasses part of the existing fabric and part new design.
2.2 THE CERA REVIEW OF THE IPSE REPORT

CERA, on request from the High Court via Church Property Trustees, has reviewed the IPSE
report and has also reconsidered the three options put forward by CPT in the Holmes
Consultant advice of February, 2012[9]; in addition to its review of the proposed
deconstruction methodology, contained in the Holmes Consultant advice of April 2012[10],
which we understand has been accepted in principle.
2.2. 1 IP S E R ep o rt

The conclusions reached by CERA may be summarised as follows:
a.

There is nothing in the IPSE report that is considered fundamentally different to the
options already presented by HCG.

b. The solution put forward for the temporary shoring of the nave does not offer
sufficient protection for workers, for similar reasons as already noted in the HCG
review of the IPSE report.
c. The requirements of the section 38 notice served by CERA are not adequately
addressed by the solution proposed in the IPSE report.
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2.2. 2 Re vi e w o f t h e CP T opt i o ns

CERA reviewed three basic options put forward by CPT, namely, maximum retention,
minimum shoring (with controlled demolition/deconstruction) and an intermediate scheme
combining elements of deconstruction and retention to the east of the transepts.
Broadly CERA concluded that there is no change in their position, that the maximum retention
option does not provide sufficient protection to workers, but that deconstruction is feasible.
The intermediate solution may be feasible, subject to the development of a detailed
methodology for approval.
2.2. 3 C o ncl u s i o ns

The CERA view has clearly not changed from what has been expressed previously, that the
maximum retention options do not provide sufficient protection for workers, required to be
considered acceptable to meet the requirements of the S38 notice; but that they may accept a
solution that retained more of the east end of the building, subject to the development of a
suitable methodology in that regard.
2.3 THE RUAMOKO SOLUTIONS LETTER

Following the interim judgement, an unsolicited letter from Grant Wilkinson of Ruamoko
Solutions, proposing an alternative shoring method, was sent to the Bishop, with supporting
information from C Lund & Son. Both Grant Wilkinson and C Lund & Son had been heavily
involved with the building as, respectively, a former Director of HCG when the building was
strengthened; and as the general contractor responsible for the strengthening works,
subsequently involved with some of the temporary shoring work.
The Ruamoko letter is primarily focused on the temporary shoring and protection, as follows:
2.3. 1 T e mp or ar y Sh o ri ng a nd P r ot ect i o n

Methodology
The Ruamoko letter is generally supportive of the HCG stabilisation methodology, which was
considered as part of the overall decision matrix, and is critical of certain aspects of the IPSE
report, but offers some proposed enhancements to the HCG scheme “so as to overcome the
objection that Warwick Isaacs had raised”.
There are six possible enhancements proposed, along with a statement from C Lund & Son
noting effectively that the preparation of a detailed methodology for the safe installation of a
shoring system requires participation of both contractors and engineers, and that they believe a
suitably safe solution may be achievable.
The recommended enhancements are, with one exception, providing alternative ways of
achieving practically the same outcome as has been proposed already by HCG. The only major
departure from the HCG methodology is the provision of a large ‘guy wire’ from the centre of
the clerestory at high level, to large concrete dead man foundations to the north and south of
the building.
We do not agree that the guy wire solution is feasible. Firstly, we believe its installation requires
considerable worker exposure time within the building in order to install the guy wire, at high
level. This could not be considered to achieve appropriate levels of safety.
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Secondly, and more critically, the guy wires would impose significant vertical loads to the
clerestory supports in addition to the weight of the clerestory itself. The guy wires will require
a considerable cross sectional area of steel and will have to have significant tension applied if
they are to significantly restrain movement. The condition of the columns and upper level
arches is already highly compromised by previous earthquake damage, so we do not consider
these columns capable of resisting this level of additional load.
Thirdly, the guy wire solution imposes a concentrated load to a single point on the wall, as
opposed to a distributed line of support. This is likely to simply punch through the wall at this
point, if heavily loaded. The provision of additional lateral support to the clerestory had already
been considered by HCG in the earlier development of the maximum retention option. A guy
wire approach was not considered for the reasons noted above, but an external shoring system
was developed in principle, and then abandoned, as it was too difficult and expensive to
achieve. In addition, the roof diaphragm is capable of providing sufficient restraint, provided
that there is sufficient support provided at each end. This led us to conclude that a more
efficient and effective means of providing lateral support to the clerestory would simply be to
ensure that the supporting systems at each end of the nave were stiff and strong enough to
support this level of load.
Temporary Design Load Level
The load levels proposed by Ruamoko merit further discussion. Two levels are proposed,
described as a ‘gold’ level and a ‘bronze’ level3. The basis of these is that ‘gold’ represents a
load level of 33% of current code (as generally accepted by CERA) and ‘bronze’ represents
50% of that level (i.e. 16.5% of current code), achieved by considering the building as of limited
occupancy (Importance Level 1 under the NZ Building Code). IL1 is generally used for
buildings which are infrequently occupied4, such as farm buildings and isolated structures. It is
debateable whether this could be considered suitable for a situation where a primary purpose is
to protect workers from harm, when this becomes a full time work site for an extended period.
Moreover, the load levels discuss use of a ductility factor of µ=2. This is generally considered
to be limited ductility, but assumes in effect that the elements designed for this level of load
may be required to deform to twice this level in the event of a design level earthquake
occurring. This defeats the primary objective of the maximum retention option, which is to
prevent further damage to the existing building (as opposed to partial deconstruction and
rebuilding) in order to preserve heritage. Consequently we would conclude that to be effective,
the shoring structure must be designed to a level that provides stiffer support to the existing
damaged structure, in order to prevent further deterioration. The incorporation of ductility is
desirable, but should not be used to decrease the design load without consideration of
displacement. The approach that Holmes had used in preparation of options for consideration
was in effect to design for displacement and then add ductility.
In passing, we would note that although the west porch gantry was not intended to provide
more than a short term support to allow USAR activities to continue and possibly for the Rose
window to be removed, it was designed for a level of approximately 0.5g (of the tributary mass
of the west wall only). However, it was still not able to provide long term protection for the
west wall, which fully collapsed in the June 13th 2011 aftershock.

3

Respectively 0.13g and 0.17g, i.e. 13% and 7% of gravity applied as a horizontal load.

4

Described in the standard as “Minor structures (failure not likely to endanger human life).”
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2.3. 2 St r e ngt h e ni ng O pt i on s

There was a short section discussing the optimum way to strengthen the existing walls,
concluding that a concrete skin method ( as proposed by HCG) is the most practical solution
but that it may be best applied directly to the face of the existing stone walls (after temporary
removal of the decorative ashlar facing). This involves some compromise of the overall
heritage value as it increases the thickness of the walls.
Other methods were briefly mentioned, all of which may have application in some areas of the
building, but there were no methods presented that have not been considered already.
2.3. 3 C o ncl u s i o ns

The Ruamoko letter in general is supportive of the principles of the HCG maximum retention
option, but offers some alternative solutions. We do not believe the major departure from the
HCG MRO, the guy wire solution, is either practical or technically feasible and so would not
support this solution being adopted.
To be effective in providing support to the existing structure insitu, any new shoring and
temporary retention structure would need to be designed to loads considerably higher than
proposed by Ruamoko.
The principle of working with a contractor to develop the methodology for the implementation
of any temporary retention system (as discussed in the C Lund & Son appendix to the letter) is
sound and would have been initiated at some level, had that option been pursued. However,
contractor involvement for the options study that was completed was not considered necessary
as it was simply assumed that a safe methodology would be developed.
In conclusion, the Ruamoko letter, while suggesting some alternatives, offers no practical new
solution that would challenge the outcomes of the decision making process already completed.
2.4 THE JACKIE GILLIES & ASSOCIATES LETTER

Jackie Gillies + Associates (JGA) are the conservation architect employed by CPT to advise on
heritage matters pertaining to the building. In a letter dated 19th December, they have put
forward a number of issues for consideration with respect to both temporary protection and
for strengthening of the building. An approach combining three separate concepts is suggested,
namely:
1. The application of minimum intervention and strengthening techniques where
applicable
2. Acceptance of some loss of heritage fabric where unavoidable; and
3. Some contemporary additions to create spaces that are compatible with the building’s
modern use requirements.
2.4. 1 T e mp or ar y P r ot ect i on

Temporary protection measures are proposed in line with the approaches used in L’Aquila,
Italy, following the earthquake of 2009. More specifically, the employment of extensive
exterior and interior shoring towers and cross building ties in order to relieve loading to
damaged masonry. These systems have been described in detail by Win Clark of the Historic
Places Trust following his fact finding mission to Italy in 2012.
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The main thrust of the techniques employed was that the masonry buildings should be tied
together in ways that used the existing masonry strength to resist seismic loads, with the
shoring simply providing restraint against out of plane failure, and the ties ensuring that loads
are spread between existing elements. Under this philosophy, supplemental bracing is
considered only when the masonry has insufficient in plane capacity to be able to support the
required load levels.
Deconstruction was still employed where masonry was so severely damaged as to be unstable.
Although some of the actual techniques employed may be slightly different, the underlying
philosophy (of ensuring as far as possible, that the shoring is compatible with the masonry) is
the same as HCG has used in its assessment of the retention options. However, where the
predicted seismic load levels preclude this from working effectively, greater levels of
intervention have been assumed.
Another key issue here is the consideration of the safety of implementation of such shoring. In
L’Aquila, the majority of such work was implemented by Fire Brigade crews acting under the
instructions of engineers, all of whom were effectively employed by the government under the
name of the Cultural Heritage Authority. Only the Fire Brigade could carry out this work in
Italy, as they had legal dispensation from compliance with the Italian Health and Safety
legislation[11]. This is a critical departure form the practice in New Zealand, where the
responsibility for health and safety remains with the building owners and their contractors, who
are bound to comply with CERA requirements in central Christchurch.
In reviewing some of the available material showing the methods of implementation, it is clear
that the worker safety provisions were considerably lower than have been set by CERA. For
example, in the installation of the bracing of the dome at the L’Aquila Cathedral, Fire Brigade
personnel were observed to be working from swinging stages underneath overhanging loose
masonry elements. For the installation of interior shoring systems, workers were exposed for
periods of time as they installed extensive scaffolding systems.
The cost is also of interest. In L’Aquila, the cost of the stabilisation works has been borne by
the government, but it is understood that the ownership of this is to be transferred to the
owners. Those who sell their buildings in damaged state are required to reimburse the
government for the costs of the shoring. This relieves the owner of what in many cases may be
a significant cost.
Further to that however, the work completed has been only to offer a level of temporary
protection to the structures and has been carried out without regard to subsequent
strengthening, the responsibility for which is to revert to the owners. Thus, in effect, the
problem has been only half solved. It is unclear as yet, over what timeframe the strengthening
work must be carried out, and even whether it is practically possible to do the work, in many
cases.
In considering the form of the protection, the techniques used are similar in many cases to
techniques deployed around Christchurch. Methods such as use of fabric ratchet tie downs and
timber shoring were deployed in a number of cases following the 4 September 2010 earthquake
and were effective in saving the damaged structures from complete destruction in the 22
February 2011 earthquake. However, there is still a need to equate the capacity of these
measures with the likely level of seismic load, taking into account the medium term increase in
local seismicity. It is not known what level of load the temporary structures in L’Aquila have
been designed for, but the likely seismicity in Christchurch has been taken into account in
HCG’s evaluation of options for CPT.
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2.4. 2 St r e ngt h e ni ng Me as u r es

JGA clearly note that they are not engineers, but have been in discussion with a number of
engineers on other projects around the South Island regarding masonry strengthening
techniques. They specifically mention three ‘new to New Zealand’ technologies:
1. Helical profiled stainless steel ties/bars;
2. Grouted anchor steel anchor rods and carbon fibre strips, etc; and
3. Post tensioned steel rods or sleeved and greased steel strands/cables
We respectfully suggest that these are not new to New Zealand. From our own experience,
HCG has employed all of these in various forms, the oldest going back as far as the 70’s, when
we installed post tensioning systems to two stone masonry buildings at the Arts Centre, both of
which performed well in the earthquakes, but both of which require further strengthening work
now. Helical anchors have been in use in New Zealand for over 15 years, but have been more
typically used in applications with brickwork, which is the material they were developed for.
They may be effective for soft stone also but are less able to be used effectively with the hard
basalt field stone of this building. Grouted steel anchor rods have been used for as long as the
drilling technology has enabled, including nearby, the stone columns in the front of the
Heritage apartments. This was strengthened by Holmes Consulting Group and C Lund & Son
as engineer and contractor respectively, in 1995. Fibre reinforced polymers, using either carbon
or glass fibre have also been in use in New Zealand for approximately 20 years. This method
was used in Christchurch for the strengthening of the Arts School (at the Arts Centre), which
performed very well through the earthquakes.
Further experience from L’Aquila has noted that some core grouting (another technique
successfully employed in other projects by HCG in the past) and tying, that had been
implemented prior to the 2009 earthquake, had survived well. This is no surprise to us, given
that we can make the same observations in respect of buildings in Christchurch that were
strengthened using these techniques. However we would observe that the strengthening of an
undamaged masonry building is a vastly different process from strengthening a damaged
masonry building. In the latter case, the integrity of the masonry has been largely lost and
therefore must be restored prior to strengthening being implemented. Depending on the
interaction between the repair and the strengthening methods, greater levels of intervention will
generally be required.
2.4. 3 C o nt e m p or ar y A dd it i o n s

We concur with the JGA letter that it would be feasible to combine contemporary additions
with retained elements of the existing building in a way that retains some of the heritage value
of the building; and have always stated as much. However, the broader questions of cost and
utility cannot be separated from this statement.
This is not precluded by the partial deconstruction of the building, although this clearly limits
the extent of structure that may be retained in its existing form. However it remains our view
that the walls above sill level will require reconstruction in order to achieve the required level of
seismic resistance, due to the amount of damage and dislocation suffered. The alternative
strengthening strategies discussed do not correct the significant offsets in the stonework and
nor do they offer adequate means of restoring sufficient integrity in the masonry.
2.4. 4 C o ncl u s i o ns

Although the JGA letter raised matters that had not been discussed in prior reports, there were
no actual new techniques that might offer a genuine alternative for the maximum retention

N:\106324\WP\106324RTMar2013 R3.doc

28

Revision 3, 25 March 2013

option for the building. The applicability of these methods for stabilisation and strengthening
is minimal when considered in the context of the level of damage, the continued deterioration
of the building and the safety of workers during the implementation.
The question of whether some parts of the existing building may be incorporated into the new
building may only be resolved by an architectural design exercise, which is under separate
consideration.
2.5 THE INDEPENDENT PANEL OF STRUCTURAL ENGINEERS SECOND
REPORT

The second IPSE report was provided to HCG on 4 March 2013. WE have now reviewed this
report, and have met with engineering representatives of the IPSE team, along with an Historic
Places Trust engineer.
The second IPSE report is essentially a further development of the previously reviewed
proposal for stabilisation, with considerably more detail around the sequencing of work, and
minor alterations to the proposal. There is also a brief section on strengthening concepts.
Both of these are discussed below.
2.5. 1 St a bi lis at i o n

As noted above, the IPSE stabilisation proposal is conceptually unchanged, barring some minor
changes.
The most significant obvious change is the incorporation of a central eaves tie, similar to that
proposed by Grant Wilkinson of Ruamoko (and discussed above). This appears to be reflective
of some engagement with Ruamoko as noted in the IPSE report. No specific discussion is
made of the reasons for the incorporation of the tie, over and above the other proposed work.
In fact, the incorporation of this tie is contradictory to the stated objective of the stabilisation,
that ‘it should brace the existing structure “softly”, i.e. with reasonably flexible support points
that match the expected stiffness of the existing structure.’ We consider this tie inappropriate,
for the reasons already noted in section 2.3.1 above. The further development of the proposal
comprises mainly the development of a work sequence. It is stated that this addresses the
safety criteria set by CERA as well as the more general securing requirements for the cathedral.
We have a number of comments on the methodology, as follows below.
On meeting with the IPSE and HPT engineers on 11 March 2013, these matters were discussed
at some length. Where relevant to the issues raised below:
1. The stated design load level will provide ‘in excess of 34%NBS (R=1, µ=2 [steel
structure])’. This equates to a seismic coefficient of Cd=0.133. This is questionable at
two levels. Firstly, this might be appropriate from a life safety perspective (as it equates
to the earthquake prone building load threshold, although we note that this is not
necessarily adequate to satisfy H&SE legislation), but it does not provide adequate
protection to the structure itself. That is, one of the primary objectives of the
stabilisation will not be met at this level, as discussed in 2.3.1 above. By contrast, the
HCG MRO already investigated was designed to a level of 0.3g, with added ductility to
provide greater protection. This suggests that any cost comparison would not be
comparing like with like.
The need for this higher level of protection is in consideration of the amount of time
that the structure may need to be shored before strengthening can be attempted, in the
environment of increased seismic activity that still exists.
On discussion, the GCBT engineers noted that they would be able to raise the load
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level if required. However HCG’s view is that the proposed GCBT system is
lightweight in nature by comparison with the HCG MRO; increasing the load level by
this amount would add considerable weight of steel, compounding the difficulty of
implementation.
2. In HCG’s view, the sequence of works proposed still does not fully resolve the
previously raised issue of workers being exposed to hazard while connections are made
to the existing structure. We do not believe that jacking the shoring systems into place
below the existing arches alone is sufficient to provide a positive connection to the
masonry to prevent future movement. We note that the moving nave tower element
must be pushed ahead of the trussed frames, which are then erected behind it. This
method therefore limits the area within in which workers are exposed, but must still
leave them exposed while the truss installation is completed.
On discussion with the GCBT engineers, they asserted that this would not be the case.
However HCG’s view remains that this is not practically possible.
3. The bracing elements are to be slid into place on greased steel plates. The reduced
coefficient of friction that is required to move the elements into place will also
therefore reduce the resistance offered by the frames, requiring them to be in turn
restrained by the existing structure. The GCBT engineers confirmed that this would
be the case. This places reliance on the effective friction of the column bases, which
HCG consider may be minimal.
4. In order to provide stability to the light steel frames, they are to be ballasted with
concrete or water. This will require a significant weight of material to be placed on the
existing floor, away from the foundations. There are basement areas under some parts
of the floor and there is relatively little information available on the construction of the
floor in general. However, considering the age and typical construction type of the
floor, it would be extremely unlikely that the floor has any significant capacity to resist
vertical load. This means that it is quite likely that the floor will punch through under
heavy loading. This would reduce the effectiveness of the bracing and in fact could
destabilise the building under some circumstances as the bracing will tilt and lean on
the structure. This was discussed with the GCBT team, with no conclusion offered.
5. The general statement that the bracing should be reasonably flexible may have some
merit, but should be considered in the context of the form of structure and the extent
of the damage. The greater the displacement of the system, the more load is placed
onto the stiffer (brittle) elements of the existing building that are already severely
compromised. This will significantly compromise the objective of protecting the
structure against further damage.
This was discussed with the GCBT and HPT engineers, who continue to assert that
this approach is appropriate. However HCG’s view remains that a successful retention
scheme must relieve load and displacement demand to the existing building if further
significant damage is to be prevented under realistic, potentially damaging earthquake
scenarios that can be anticipated from GNS advice.
6. The apse has still not been addressed. It was suggested (at the meeting) that the apse
has not suffered as much damage and has more inherent stability. However, it should
be noted that although the more recent annex areas to the south and north obscure the
view of the apse walls, there is significant damage, particularly to the north wall of the
apse (as reported in the damage report[19]. This area of the building must also be
addressed and with the steps in the floor and the irregular shape, it should not be
assumed that this can be readily achieved.
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7. The criticism offered, that the disconnection of the roof diaphragm may dangerously
de stabilise the clerestory and the nave ignores the presence of the vertical elements of
the side aisle roof bracing. These elements must provide significant lateral support to
the upper clerestory walls.
2.5. 2 St r e ngt h e ni ng O pt i on s

The GCBT report contains a section discussing seismic strengthening options. This does not
propose a strengthening proposal for the building, but instead describes a number of possible
techniques that may be employed. As they note, many of these have already been considered
by HCG.
This offers nothing of significance that has not already been considered. It once again raises
the possibility of hydraulic relevelling and re positioning of displaced stonework. HCG
considers that this is inappropriate for the form of construction, noting that the existing
displacement of the rubble infill will make it practically impossible to achieve this without
causing further damage.
The possibility of simply accepting the existing movement and grouting the cracks in the
masonry in areas of lesser movement was raised in the report (by implication) and discussed at
the meeting with the GCBT engineers. Although it is agreed that this may be feasible with very
small offsets, it was noted that the extent of damage will still require a significant number of
piers to be rebuilt. The GCBT team suggested at the meeting that the lintels and areas of wall
over the windows could be shored in place and the piers rebuilt, reducing the need for
deconstruction in these areas to the piers only. However, HCG considers this is not practical:
•

Firstly, considering the need to realign the lintels and wall over with the wall below sill
level, all of the piers must be relieved at once for any given wall line. This further
reduces the stability of the wall; and

•

the process of replacing the stonework in this way is considerably complicated by the
need to build up to the underside of the stonework over, due to the thickness of the
wall and the mix of stone types. The joint between old and new at this point will not
be as effective as if the wall is simply rebuilt above sill level.

2.5. 3 C o ncl u s i o ns

In conclusion, there has been little material change to the IPSE proposal since it was first put
forward. The additional detail provided has been mostly focused on providing a methodology
for installation, but the main principles expressed in the first report remain unchanged.
Although the opinion has been offered that the proposed IPSE system could provide the
required degree of structural stability, it is not considered practically achievable, for reasons
including the following:
•

The design load for the stabilisation system would have to be raised to a level that
better reflects the risk and the objective of preserving the fabric of the building. We
consider that this will significantly increase the cost and difficulty of installation of the
system.

•

Some elements of the system will not work in any case, particularly the eaves tie.

•

The installation of the system must still rely on workers being outside the protection of
the gantry at key stages to complete connections.
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•

The temporary stabilisation does not change the need to deconstruct sections of wall
to sill level, meaning that considerable additional cost is incurred for the same
outcome.

In general, our conclusions in section 2.1.4 above remain largely unchanged.
It is conceivable that the concerns expressed above may be addressed, but in doing so, the cost
and complication of the system would increase significantly. Even if the worker safety
concerns raised by CERA could be resolved, allowing a stabilisation system that satisfies the
section 38 order to be installed, this will not satisfy CPT’s need to have a structural solution for
the repair and strengthening that is affordable, effective and can be delivered in a timely
fashion. This has not yet been demonstrated.
2.6 SUMMARY

HCG has completed a review of known available independent engineering reports for the
building, as required by the interim judgement (noting that although the JGA letter is not
strictly an engineering report, it relates to engineering matters). Although there is some
variation in the detail of the reports, we can conclude generally as follows:
1. There has been no new methodology for either temporary protection or strengthening
that gives cause to reconsider the work that HCG has completed to date in exploring
options for the building.
2. All of the engineering reports are generally in agreement that a strengthening solution
for the building is technically feasible, but there is limited agreement over whether the
temporary shoring and protection can be installed safely. However the CERA review
confirms that in order to achieve a sufficient level of site safety to satisfy the section 38
notice, there must be no reliance on safe havens. CERA remains unconvinced that it is
possible to implement any form of temporary retention to the nave and transepts.
3. Likewise, there is disagreement over the costs of the implementation of the proposed
temporary shoring and protection. However, the only actual cost estimates that have
been prepared (by CPT's Quantity surveyor) suggest that there is considerable
additional cost in shoring the existing structure, with only modest improvement in
heritage retention, given that the walls will generally still have to be deconstructed and
rebuilt above sill level in any case.
From this we can conclude that although there are always variations in the techniques that may
be employed under different circumstances by different engineers, the overall outcome will not
be significantly different. Given the level of damage and ongoing deterioration, our previous
options and opinions to CPT remain unchanged.
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3. SEISMIC ASSESSMENT

Holmes Consulting Group was engaged by the building owner to complete a detailed seismic
assessment of the Christchurch Cathedral in 1997[12, 13]. This chapter summarises the
structural analysis work undertaken and the methodology used to priorities the subsequent
seismic strengthening works.

3.1 ANALYSIS METHODOLOGY

A nonlinear time history analysis of the building was undertaken using ANSR II, a general
purpose nonlinear finite element program.
A finite element model of the existing unstrengthened building was developed. The use of a
nonlinear finite element program enabled the building model to be constructed such that both
the strength and stiffness of the existing structural elements could be represented.
Earthquake accelerations were applied in small time increments, approximately 1/400th of a
second. At every increment the forces in each element were checked. If they exceed the
strength of the element then the model was automatically modified to reflect this change in
element state and the analysis proceeds to the next step.
Each analysis involved approximately 16,000 time steps and at the end of the analysis,
maximum forces and deformations in the structure and in every element are printed. The
envelope values from all analysis variations are accumulated and used to evaluate building
performance during the earthquake.
Although computationally more expensive and time consuming when compared with
conventional elastic analysis procedures commonly used to design new buildings, a nonlinear
time history analysis procedure was used for the following reason;
1. It allowed the identification of specific key weaknesses and most importantly, an
assessment of their significance to the overall performance of the buildings.
2. It allowed the subsequent seismic retrofit options to be developed easily on a 'plug and
play' basis. As solutions were proposed they could be tested and even mixed and matched
against both retrofit and heritage conservation priorities
3. It allowed the building to be tested against a range of differing design earthquakes,
measuring the effect of differing levels of load. In this way, the performance of the existing
structure as well as the benefits of the retrofit could be more easily assessed.
4. As the methodology relies less on "judgement" and "predictions" and more on actual
analysis data it provides more certainty in terms of the performance of an existing building
in an earthquake and the effectiveness of a proposed retrofit option.
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5. It allows for a 3D graphical (dynamic) representation of the failure modes and key elements
to enhance the understanding of the buildings performance to building owners and other
key stake holders.
3.2 SEISMIC LOADING

Seismic loading for the structural assessment was determined using NZS 4203:1992, the New
Zealand standard at that time for building design loads [14].
Using NZS 4203 the seismic design loading spectra for designing new buildings was calculated
as:
C(T)= Sm1Ch(T,1)SpRZLu

(3 1)

The seismic parameters used for the seismic assessment are listed in Table 3 1.
Ta bl e 3 1 S e is mi c P a ra m et ers [ 14 ]

Design Code :

NZS 4203:1992

Soil Category :

C

Sm1

1.0

R:

varied

Z:

0.8

Sp :

0.67

Lu :

1.0

The seismic loading parameter ‘R’ is a risk factor that was used in NZS 4203 to relate the level
of seismic loading to earthquake intensity. NZS 4203 required that normal buildings be
designed using R = 1.0 while new buildings containing crowds were designed for higher seismic
loads using R =1.2.

Ta bl e 3 2 E a rt h qu a k e r et u rn p er i od R f act or r e lat i o ns hi p [ 14]

Analysis
ID
A
B
C
D
E
F
G
H
I
J

Factor
on
Sp=1.0
Spectrum
1
0.9
0.8
0.7
0.6
0.5
0.4
0.3
0.2
0.1

Factor
on
Sp=0.67
Spectrum
1.49
1.34
1.19
1.04
0.90
0.75
0.60
0.45
0.30
0.15

Return
Period
(Years)
1400
1000
750
520
340
200
110
50
16
2

Probability
of
Exceedance
in 50 Years
3.5%
4.7%
6.4%
9.2%
13.7%
21.8%
36.7%
64.1%
96.0%
100.0%

The R value was converted to an equivalent return period of earthquake using the relationship
shown in Figure 3 1. Table 3 2 lists the analysis identification, factor applied to the Sp=1.0
spectrum, equivalent factor on the uniform hazard Sp=0.67 spectrum and the return period.
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The return period is related to the probability of exceedance within a 50 year design life, as
shown in the final column in Table 3 2.
1.400
1.200

RISK FACTOR, R

1.000
0.800
0.600
0.400
0.200
0.000
1

10

100

1000

RETURN PERIOD (YEA RS)

F igu r e 3 1 N Z S 420 3 R fact o r [ 14]

The time history record used for the nonlinear analysis was the El Centro record from the 1940
Imperial Valley earthquake. This time history record was frequency scaled to provide a close
match at all periods to NZS 4203 design spectra, as shown in Figure 3 2 for Z = 0.8. Sp =0.67
and R=1.2.

0.80
El Centro N S Seed
El Centro E W Seed
ACCELERATION (g)

0.60

NZS4203 Z= 0.8 R = 1.2 Sp =

0.40

0.20

0.00
0.000

0.500

1.000

1.500

2.000

PERIOD (Seconds)

F igu r e 3 2 F r eq u e n cy s cal ed E l Ce nt r o ea rt h qu ak e [ 1 3] .
3.3 FINITE ELEMENT MODEL

The building geometry was developed from available drawings. Figures 3 3 and 3 4 illustrate
the form of the building model.
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F igu r e 3 3 Is o m et ric vi ew o f A N SR I I n on li n ea r f in it e el e m e nt m od e l [ 1 3]

NT

T

Tower

North Wall

N

North
Transept

West Wall

North Nave Aisle

NV

Vestry

NN
W

Nave

Transepts

WT

ET

Sacristy

SN

Vestry

South Nave Aisle

South
Transept

S

SV

ST

South Wall

F igu r e 3 4 P l an vi ew o f A N SR II fi nit e e l e me nt m o de l [ 13]
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3.3. 1 Ma s o n r y W al ls

Unreinforced masonry walls were modelled as nonlinear plane stress elements with thicknesses
corresponding to the values specified on the drawings, generally 30”, 36”, and 48” (762 mm,
914 mm and 1220 mm). The shear stiffness of the elements included degradation in strength
and stiffness depending on the level of shear stress.
Material properties were determined using seismic rehabilitation guidelines developed by the
U.S. Building Seismic Safety Council, NEHRP Guidelines for the Seismic Rehabilitation of
Buildings [15]. The NEHERP guidelines were adopted as they were the best available at that
time for the nonlinear analysis and assessment of unreinforced masonry buildings. Figures 3 5
shows the masonry strength envelope at the upper and lower levels.
400
350

SHEAR STRESS (KPa)

300
U pper Levels
Lower Levels

250
200
150
100
50
0
0

0.002

0.004

0.006

0.008

0.01

0.012

SHEAR STRA IN (mm/mm)

F igu r e 3 5 A N SR I I u n r ei n f or ce d m as on r y wa ll el e m e nt u s e d i n t h e n o nl i ne ar
an al ys is [ 13]

The ANSR II model implemented a degrading stiffness under cyclic loads. After the peak
strength is reached the stiffness degrades. After the shear strain reaches limiting shear strains
of 0.0015 at upper levels, increasing to 0.0045 at lower levels, the strength also degrades.
Eventually the element will not be able to resist any lateral loads and, if the element supports
vertical load, failure will occur.
Verification of the out of plane performance of the masonry walls was not able to be explicitly
checked by the nonlinear analysis model. An assessment of he adequacy of the out of plane
performance of the existing walls was undertaken post analysis using guidelines produced by
the New Zealand National Society for Earthquake Emgineering [15].
3.3. 2 Ro o f St ru ct u r e

The timber roof structure was modelled using non linear plane stress elements. For the
purpose of the analysis the roof elements were modelled as 50 mm thick timber panels as the
actual the stiffness and strength properties of the roof were unknown.
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3.3. 3 F ou nd at i o ns

The Cathedral rests on pad footings and was modelled as a fixed base structure. Under lateral
loads the walls cannot transmit tension into the foundation. In portions of the structure where
tension could occur, for example the outer ends of the buttresses, gap elements were inserted in
the finite element model between the wall element and the foundation to enable wall elements
to lift off the foundation when required.
3.3. 4 Ma s s e s

The mass of the structure was included by calculating the self weight of the structural elements
plus the floor weights. These were applied to the tributary nodes. Table 3 3 lists the mass at
each elevation as applied to the model.

Ta bl e 3 3 E ff e ct i v e Ma s s es i n t h e F i n it e E l e m e n t M o de l [ 13]

Top of Tower
Nave Roof

Top of Nave Walls

Top of Aisle Walls

Base

ELEVATION MASS
(m)
(tonne)
28.000
66
25.400
107
23.000
254
20.200
71
19.300
222
16.200
169
15.200
256
14.200
337
13.800
295
13.200
418
12.200
544
10.600
494
10.000
567
8.200
799
6.800
654
6.000
365
5.400
515
4.200
726
2.200
1040
0.000
52
Total
7951

3.4 ANALYSIS OF UNSTRENGTHENED BUILDING
3.4. 1 E va lu at i o n P ro c edu r e

The procedure used to evaluate the earthquake resistance was:
1.

Prepare an input model for the building for each of the two earthquake conditions (that
is, the earthquake oriented (1) with the major component along the E W axis of the
building and (2) with the major component oriented along the N S axis of the building).

2.

Analyse the building for NZS4203 loads, using R = 1.0 and Sp = 1.0. The model was
set to define "failure" if deflections exceeded 1000 mm at any location. This was an
artificial limit used to stop the analysis continuing once failure has occurred. It was set
to be greater than the deflection which the structure can resist and remain stable.
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Typically, if the shear strain in a major element exceeded the limit at which strength
degradation initiated then instability occurred and deformations rapidly exceed this limit.
3.

If failure occurred, reduce R by 0.10 and repeat the analysis for the particular earthquake.
Continue reducing R until the structure survives the full 20 second duration of
earthquake.

4.

Repeat for each earthquake orientation. Record the element stresses and strain for each
analysis and the damage pattern.

The end result is an effective R factor such that the building will survive an earthquake of R
times NZS4203 loading.
3.4. 2 A na l ys is R es u lt s

Table 3 4 summarizes the results of the evaluation of the building in its unstrengthened
configuration and Figures 3 6 and 3 7 showed the damage in the building at failure levels of
load.
Ta bl e 3 4 Uns t r e ngt he n ed Bu il di ng A nal ys is R e s u lt s [ 13]

Base Shear V/WX
Base Shear V/WZ

East West
Earthquake
R=0.3 R=0.2
Failed Survived
0.15
0.09
0.12
0.08

Wall (refer Fig 3 4)
ET
N
NN
NT
NV
NVS
S
SN
ST
SV
SVS
TB
TE
TN
TS
TW
W
WT

0.0001
0.0002
0.4688
0.0006
0.0005
0.0001
0.0001
0.3920
0.0007
0.0002
0.0001
0.0000
0.0001
0.0001
0.0001
0.0001
0.0001
0.0001

North South
Earthquake
R=0.6 R=0.5
Failed Survived
0.16
0.16
0.26
0.32

Maximum Wall Strains
0.0001 0.0005 0.0007
0.0001 0.0003 0.0004
0.0145 0.0086 0.0393
0.0002 0.0006 0.0004
0.0002 0.0025 0.3017
0.0000 0.0001 0.0003
0.0000 0.0001 0.0001
0.0096 0.0027 0.0278
0.0002 0.0005 0.0005
0.0001 0.1599 0.0045
0.0001 0.0540 0.0010
0.0000 0.0001 0.0001
0.0001 0.0003 0.0003
0.0001 0.0001 0.0002
0.0001 0.0001 0.0002
0.0001 0.0003 0.0019
0.0001 0.0009 0.0006
0.0001 0.0006 0.0010

Note: Values shown in bold indicate shear strains greater than 0.01, with severe
degradation. Walls strained to this level cannot support gravity loads.
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Diagonally crossed cracks indi cate fai lure of a
wall panel. Wal ls cannot support gravi ty load.
Si ngl e sloping cracks indi cates cracking but
not failure. Wall can support gravity load.

F igu r e 3 6 E as t w es t b u il di ng r es po ns e [ 13]
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Diagonally crossed cracks indi cate fai lure of a
wall panel. Wal ls cannot support gravi ty load.
Si ngl e sloping cracks indi cates cracking but
not failure. Wall can support gravity load.

F igu r e 3 7 N ort h S ou t h bu i ld in g r es p o ns e [ 1 3 ]
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East West Oriented Earthquake
With the earthquake major component in the E W direction the building survived a seismic
level of R=0.2 (16 year return period) but failed with R=0.3 (50 year return period). Failure
occurred in both the North and South Nave walls. Figure 3 6 illustrates that the damage was
concentrated in the buttresses at the West end of the building.
The upper level Nave walls are supported on slender masonry columns which resist negligible
lateral loads. The large mass above these columns produces large E W earthquake forces which
are resisted by the buttresses. The large shear forces at the top of the buttresses cause shear
failure.
It was concluded that this type of failure would lead to widespread and catastrophic collapse of
the entire Nave of the Cathedral. It could have occurred under a relatively small earthquake
and represented a severe life safety risk.
North South Oriented Earthquake
The analysis indicated that the building is less vulnerable when the earthquake major
component is in the N S direction. The building survived a seismic level of R=0.5 (200 year
return period) but failed with R=0.6 (340 year return period). Failure occurred in the Vestry
walls. Figure 3 7 shows that the damage was concentrated in the South East section of the
building, although the buttresses at the West end of the building were also on the point of
failure.
Tower Response
Contrary to expectations at the time of the analysis, the Tower did not prove to be the most
vulnerable portion of the cathedral. Analysis of the Tower as a "stand alone" structure showed
that it survived a seismic level of R=0.6 (340 year return period) compared with R=0.2 (16 year
return period) for the main structure.
The analysis indicated that cracking did occur in the Tower structure at levels of load from
R=0.3 (50 year return period) but did not reach an amplitude as to cause collapse until R=0.7
(520 year return period). It was also noted that the "stand alone" structure model of the Tower
may have over estimated the Towers performance as additional seismic loading associated with
the adjacent Nave structure was not included in the model.
3.5 ANALYSIS OF STRENGTHENED BUILDING
3.5. 1 St r e ngt h e ni ng Met h od o l og y

Results from the unstrengthened building analysis were used to prioritise seismic strengthening
to ensure that the most critical structural deficiencies were addressed first. Seismic
strengthening priorities identified were:
Priority 1: Securing Works. The assessment procedure used to evaluate Cathedral
assumed that viable load paths exist between structural elements. It is important that
buildings are tied together so that they can deform and move together during an
earthquake i.e. avoid the ‘house of cards’ scenario. For the Cathedral this meant that
existing roof to wall connections had to be strengthened and new structural steel
continuity brackets installed in the roofs.
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Priority 2: Aisle Roof Bracing. The north and south perimeter walls of the Aisles have
openings but there are substantial masonry piers between these openings. These walls
would be able to resist seismic loads from the Nave walls but in the unstrengthened
configuration the aisle roofs did not have adequate capacity to form an effective
diaphragm to transfer these loads. New structural steel cross bracing in the aisle roofs
would address this issue.
Priority 3: North South Concrete Wall Strengthening. The building damage under
north south loads was due to the seismic forces causing shear cracking at points of
concentrations such as lintels above and below openings and masonry piers between
windows. Strengthening to reduce these stresses would require the addition of new
reinforced concrete wall elements at each end of the Nave and in the vestries to resist part
of the seismic loads in the north south direction.
The evaluation of the strengthened building was performed in two phases, (1) with the roof
bracing alone added to the model and (2) with both the roof bracing and the concrete walls
added to the model. Table 3 5 summarizes the results of the evaluation of the strengthened
building.
3.5. 2 A is l e R oo f B rac i ng

East West Oriented Earthquake
With the earthquake major component in the E W direction the building survived a seismic
level of R=0.4 (110 year return period) but failed with R=0.5 (200 year return period). Failure
occurred in both North and South Transept walls. Figure 3 8 shows that the damage was
concentrated in the wall sections above the door and window openings. Failure in these
regions would probably lead to collapse of the North Transept wing.
North South Oriented Earthquake
In the N S direction the building survived a seismic level of R=0.5 (200 year return period) but
failed with R=0.6 (340 year return period). Failure occurred in the Vestry walls. Figure 3 9
shows that the damage was concentrated in the upper portions of the walls. Although failure
was concentrated in these regions, extensive cracking also occurred at lower levels.
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Ta bl e 3 5 St r en gt he n ed Bu ild i ng A n al ys is Re s u l t s [ 13]

Vbx/W
Vby/W

Roof Truss Added Only
Roof Truss +Concrete Walls
East West
North South
East West
North South
Earthquake
Earthquake
Earthquake
Earthquake
R=0.5 R=0.4 R=0.6 R=0.5 R=0.6 R=0.5 R=0.6 R=0.5
Fail Survive Fail Survive Fail Survive Fail Survive
0.260 0.208 0.164 0.153
0.29
0.25
0.20
0.16
0.205 0.165 0.342 0.321
0.23
0.22
0.37
0.34

WALL
Concrete
ET
N
NN
NT
NV
NVS
S
SN
ST
SV
SVS
TB
TE
TN
TS
TW
W
WT

Maximum Shear Strain in Wall
0.0005 0.0003
0.0009 0.0007 0.0003 0.0002
0.0004 0.0003 0.0010 0.0007
0.0051 0.0019 0.0011 0.0008
0.0006 0.0006 0.7581 0.0026
0.0068 0.5805 0.0001 0.0001
0.0009 0.0003 0.0001 0.0001
0.0001 0.0001 0.0004 0.0002
0.0010 0.0013 0.0010 0.0005
0.0005 0.0006 0.2022 0.0021
0.1564 0.0045 0.0002 0.0001
0.0017 0.0011 0.0005 0.0005
0.0001 0.0001 0.0001 0.0001
0.0005 0.0003 0.0002 0.0002
0.0002 0.0001 0.0007 0.0004
0.0002 0.0002 0.0004 0.0003
0.0004 0.0004 0.0002 0.0002
0.0030 0.0019 0.0001 0.0001
0.0011 0.0008 0.0006 0.0001

0.0002
0.0008
0.0010
0.4653
0.0009
0.0001
0.0003
0.0005
0.0041
0.0007
0.0002
0.0001
0.0001
0.0003
0.0003
0.0001
0.0003
0.0002

0.0002
0.0004
0.0005
0.0014
0.0007
0.0001
0.0002
0.0002
0.0013
0.0005
0.0002
0.0001
0.0001
0.0002
0.0002
0.0001
0.0002
0.0001

0.0008
0.0010
0.0004
0.2234
0.0007
0.0002
0.0009
0.0001
0.0044
0.0006
0.0004
0.0171
0.0001
0.0006
0.0002
0.0002
0.0006
0.0003
0.0058

0.0006
0.0008
0.0003
0.0021
0.0005
0.0001
0.0005
0.0001
0.0008
0.0004
0.0003
0.0014
0.0001
0.0003
0.0001
0.0002
0.0004
0.0002
0.0035

NOTE: Values shown in bold indicate shear strains greater than 0.01, with severe degradation. Walls
strained to this level cannot support gravity loads.

3.5. 3 A is l e R oo f B rac i ng & N ort h S ou t h R ei n f orc e d C o ncr et e W al ls

East West Oriented Earthquake
With the earthquake major component in the E W direction the building survived a seismic
level of R=0.5 (200 year return period) but failed with R=0.6 (340 year return period). Failure
occurred in both North and South Transept walls. Figure 3 10 shows that, as for the
strengthening with roof bracing only, the damage was concentrated in the wall sections above
the door and window openings. Failure in these regions would probably lead to collapse of the
Transept wings.
North South Oriented Earthquake
In the N S direction the building survived a seismic level of R=0.5 (200 year return period) but
failed with R=0.6 (340 year return period). Failure occurred North Nave and West Transept
walls. Figure 3 11 shows that the damage in the Nave wall occurred adjacent to a window
opening at the East end. Damage in the West Transept wall occurred in a wall pier close to
roof level.

N:\106324\WP\106324RTMar2013 R3.doc

3 12

Revision 3, 25 March 2013

Diagonally crossed cracks indicate failure of a
wall panel. Walls cannot support gravity load.
Single sloping cracks indicates cracking but
not failure. Wall can support gravity load.

F igu r e 3 8 E as t w es t b u il di ng r es po ns e wit h ai s le r o o f br ac in g a dd e d [ 13]
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Diagonally crossed cracks indicate failure of a
wall panel. Walls cannot support gravity load.
Single sloping cracks indicates cracking but
not failure. Wall can support gravity load.

F igu r e 3 9 N ort h s o u t h bu ild i ng r es p o ns e wit h ais le r o o f br aci n g a dd e d [ 1 3]
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Diagonally crossed cracks indicate failure of a
wall panel. Walls cannot support gravity load.
Single sloping cracks indicates cracking but
not failure. Wall can support gravity load.

F igu r e 3 10 E a s t w es t bu i ld in g re s p o ns e w it h ais le r o o f br aci n g a n d n ort h
s ou t h r ei n f or ce d c o nc r e t e w al ls ad de d [ 13]
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Diagonally crossed cracks indicate failure of a
wall panel. Walls cannot support gravity load.
Single sloping cracks indicates cracking but
not failure. Wall can support gravity load.

F igu r e 3 11 N o rt h s ou t h bu i ld in g r es p o ns e w it h ais le r o o f br ac in g an d no rt h
s ou t h r ei n f or ce d c o nc r e t e w al ls ad de d [ 13]
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3.6 SEISMIC ASSESSMENT CONCLUSIONS

Table 3 6 and Figure 3 12 summarise the results of the seismic assessment and the level of
earthquake which will cause failure for the various building configurations. Included for
comparison are requirements from NZS4203 [14] and the New Zealand National Society for
Earthquake Engineering recommendations for existing buildings [16]. The two latter
requirements are based on buildings which contain people in crowds, which are more stringent
than for buildings with lower occupancy.

Ta bl e 3 6 S e is mi c P er f o r ma nc e [ 13]

Unstrengthened
Roof Bracing
Roof Bracing + Concrete Walls
NZS4203 New Buildings (R=1.2)
NZNSEE Existing Buildings

Return Period for
Earthquake
Causing Failure
(Years)
50
200
340

Probability of
Failure in
50 Year Design Life

800
440

6%
11%

64%
22%
14%

EARTHQUAKE RETURN PERIOD (YEARS)

1000

100

As Is
Roof Braces
Roof Braces + Walls
NZS4203 (R= 1.2)
NZNSEE Red Book

10

1
East West

North South

F igu r e 3 12 E a rt hqu ak e R et u r n P er i od t o Cau s e fa il u r e [ 13]

The seismic assessment confirmed that the unstrengthened building had a very low level of
seismic resistance and had a high probability of failure within a 50 year period, 64%. The
addition of the aisle roof bracing was found to significantly reduce the probability of failure by
a factor of 3, to 22% within 50 years. New reinforced concrete shear wall strengthening
elements in addition to the roof bracing further reduced this probability of failure from 22% to
14%.
The failure mode of the unstrengthened building was is in the west buttresses, which provided
the sole resistance to lateral forces generated in the upper Nave walls. Failure in these locations
would have lead to a collapse of these walls plus the Nave roof structure and the Nave Aisle
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roofs. This total collapse of the entire Nave portion of the Cathedral presented a severe life
safety risk.
When the roof bracing was added, loads from the upper Nave walls were transferred into the
exterior North and South Aisle Walls. The failure mode for this configuration was shear failure
in the wall portions above and below openings in the North and South exterior Transept walls.
These wall segments did not directly support gravity loads and so the failure of these panels was
not considered to present an immediate life safety risk as the failure mode of the as is building.
However, it was noted that the damage in these regions could have lead to complete collapse of
the Transepts.
To achieve even this level of seismic performance, elements such as the masonry walls must be
tied to the roof structure with positive connections. Existing connections would need to be
checked and if necessary upgraded. Work of this nature is commonly termed seismic securing.
Addition of the new reinforced concrete walls in the north south direction as well as the roof
bracing produces similar failure modes to the roof bracing alone. However, addition of extra
load carrying elements increases the load carrying capacity of the building as a whole and
increases the level of earthquake which causes failure. They would also add some ductile
elements, making the building less susceptible to a sudden, total collapse.
Results from the analysis indicated that in earthquakes with return periods in excess of
340 years damage in the strengthened building could be expected to occur to the north and
south walls in the transept and aisle, in the walls of the north and south vestry. It was also
concluded that the Tower had adequate capacity to resist an earthquake with a return period of
approximately 500 years.
It was recommended that the seismic performance of the Cathedral be improved. As a
minimum it was recommended that the securing works were completed and the aisle roof
bracing was installed. It was also recommended the new north south reinforced concrete shear
walls were constructed.
3.7 COMPARISION WITH CURRENT CODE REQUIREMENTS

The design loading standard used for the seismic assessment, NZS 4203:1992 [14] has since
been superseded by NZS 1170.5:2004 [17]. Using NZS 1170.5 the seismic design loading
spectra for a new building on the site can be calculated as:
C(T)= Ch(T,1) RZN(T,D)Sp

(3 2)

The seismic parameters used for the current code comparison are listed in Table 3 7.
Ta bl e 3 7 S e is mi c P a ra m et ers

Design Code :

NZS 1170.5:2004

Soil Category :

D

R:

1.3

Z:

0.22/0.30

Sp :

1.0

N(T,D) :

1.0

A return period factor, R, of 1.3 was used for the code comparison. This is because the
Cathedral would be considered an Importance Level 3 building in NZS 1170.5 due to its high
value to the community and because more than 300 people can congregate within the building.
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The seismic hazard factor, Z, for Christchurch was increased from 0.22 to 0.30 in August 2011.
Comparing the requirements of NZS 4203 and NZS 1170.5 it can be shown that, prior to
August 2011, the level of earthquake that would have caused failure of the strengthened
building equated to approximately 40% NBS. This reduces to approximately 30% NBS when
the current seismic hazard factor of 0.3 is used.
3.8 COMPARISION OF NONLINEAR ANALYSIS RESULTS WITH
OBSERVED BUILDING PERFORMANCE

In general the overall pattern of damage and building failure mechanisms identified by the
nonlinear analysis were observed in the field following the February 2011 earthquake.
The February 2011 Christchurch Earthquake subjected the building to ground shaking with an
intensity that was significantly greater than the capacity of the building determined by the
nonlinear assessment (i.e. by a factor of 3 or more). This suggests that the assessment criteria
used quantify the performance of the building may have underestimated the seismic
performance of the building.
However as has been noted by others [18], while having a very high intensity of ground
shaking, the February 2011 earthquake had a relatively short duration (i.e. approximately 8 –
10 seconds). Compare this for example with the 1 – 2 minutes of strong motion anticipated
with the rupture of the South Island Alpine fault (fortunately the intensity of ground shaking
associated with an Alpine Fault event is expected to be significantly less than that experienced
on February 22nd 2011) [18].
The nonlinear analysis used to assess the seismic performance of the Cathedral was undertaken
using earthquake records which had 20 seconds of strong shaking. This exceeded the
requirements of NZS 4203:1992, the New Zealand standard at that time for building design
loads [14], which specified a minimum of 15 seconds of strong shaking.
The difference between the duration of earthquake experienced by the building on the 22nd of
February 2011, and the duration of strong shaking used in the time history analysis may be a
contributing factor for the better than expected building performance.
This observation highlights the critical importance of the correct selection of time history
records when nonlinear time history analysis is used for the design and assessment of the
seismic performance of buildings.
The nonlinear analysis was generally able to predict overall building behaviour and distribution
of damage with a reasonable degree of accuracy. Comparing the results of the nonlinear
analysis with the observed building performance following observations can be made:
1.

Significant cracking and degradation of north and south wall piers and buttresses was
observed in both the model response (Figure 3 10) and in the field (refer Figures 5 8 and
5 9, and Appendix A).

2.

Collapse of the Tower was consistent with what was predicted by the analysis model for
the intensity of ground shaking experienced at the site.

3.

Both the nonlinear analysis model and field observations highlighted significant damage
to North and South Transept walls (refer Figures 3 8 and 5 13).

4.

Damage to the north and south walls of the Apse was observed in both the model
response and in the field (refer Figures 3 8, 5 14 and Appendix A Sketch No. 03).

5.

Pattern of damage to transept columns observed in the analysis model was also seen in
the field.
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6.

The structural steel cross bracing installed within the plane of the aisle roofs was
effective at preventing collapse of the Nave.

7.

New north south reinforced concrete shear walls were effective at strengthening the
building in this direction.

Severe damage observed to the western wall and rose window was not identified in the
nonlinear analysis as a significant issue. Cracking sustained by the wall (refer Appendix A,
Sketch No. 02) suggests that the failure was primarily an out of plane mechanism. The
nonlinear analysis model did not have the capability to explicitly check the out of plane
performance of masonry walls during the analysis. This was completed manually, post analysis.
Building securing works undertaken to the tie the building together and prevent roof and wall
elements from separating during an earthquake performed very well.
3.9 FUTURE ANALYSIS AND STRENGTHENING SOLUTIONS

Although the original non linear analysis model is still available, it requires some updating to
meet current code and analysis requirements. This was not done during the building
assessment phase as it entails considerable time and expense, not warranted for the preparation
of conceptual design.
However, the existing assessment has formed the basis of our assessment of potential
strengthening options. Hence the proposed strengthening options are a combination of
qualitative analysis based on the past modelling, and design of key new elements using
conventional design techniques.
If the building were to be repaired and strengthened insitu and/or partially rebuilt, this would
entail updating the analysis model to test the proposed solutions. This would be used to refine
the design and to identify areas of underperformance in order to provide a consistent level of
enhancement and to understand the behaviour of the building to the greatest possible extent.
The objective would be to determine a strengthening outcome that is compatible with the
existing structure as far as possible, recognising that significant areas of the building are highly
deficient in capacity and therefore that significant intervention is required.
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4. DAMAGE ASSESSMENT

Holmes Consulting Group has carried out regular damage assessments on the building,
commencing following the September 4th, 2010 earthquake. The most recent damage
assessment was completed on January 15th, 2013 and has been reported separately[19].
This section includes a summary of the current state of damage and a discussion of its impact
on the likely future performance of the building. For completeness, Appendix B and C include
respectively, a summary of the damage from the September 2010 and February 2011
earthquakes.
4.1 SUMMARY OF EXISTING DAMAGE STATE

In its current form, the damage may be summarised broadly as follows:
Tower: Severely damaged in the February earthquake and subsequently demolished
West Porch: Severely damaged in the movement and collapse of the west wall
Nave and Side aisles: Severely damaged on the northwest section through the collapse
of the tower, with loss of some roof bracing. West wall (and Rose window) completely
collapsed. Side aisle walls severely compromised above the sill level, particularly to the
south wall. Nave columns (supporting clerestory) moderately damaged with increasing
levels of spalling and movement at the base. Clerestory arches beginning to shed
ashlar.
Transepts: Both north and south walls severely damaged with offsets of 50mm or
more in the south wall, 30mm in the north wall, to the piers; with vertical splitting
below sill level. East and West walls showing shear failure at high level. Interior
columns are splitting, with some ties installed by USAR immediately following the
February earthquake.
Apse: Less overall movement than in the nave or transepts, but with fully developed
rocking/shear cracks to most if not all piers. Up to 50mm movement has been
observed in the worst case.
Vestries: Minor damage, but some separation from the main structure.
Roof: Generally in sound condition apart from the areas immediately impacted by the
tower and west wall collapses.
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4.2 IMPLICATIONS OF DAMAGE

In a qualitative sense, the progression of damage through the different earthquakes gives us a
reasonable appreciation of the likely future performance of the building, if left unprotected.
Our observations indicate that there was significant damage and degradation of the building in
the aftershocks of June 13th, 2011 and December 23rd, 2011. By comparison with the relatively
modest damage levels that resulted from the September 4th, 2010 earthquake, it can be
concluded (not surprisingly) that the profound levels of damage from the February 22nd, 2010
earthquake have left the building in a considerably weakened state, with reduced resistance to
lesser events.
However, in the period since the December 23rd, 2010 earthquake the tell tales and visual
inspections that we have completed have indicated no further global movement in the
subsequent aftershocks of lesser intensity, although there has been some loss of minor elements
through these events.
The distribution of damage is generally heavier towards the west end of the building, although,
contrary to some expressed opinion, the east end has suffered significant damage and
movement, although generally, at a reduced level by comparison.
This leads us to conclude as follows:
1. The impact of successive events has pushed the building to the point that it is steadily
degrading in stiffness and strength.
2. There remains a level of residual resistance in the building that allows it to survive low
intensity earth quakes without significant damage to the overall structure that could
initiate global collapse. The December 23rd 2011 event (Mw 5.9 at approximately
13km epicentral distance) and June 13th 2011 (Mw 6.0 at approximately 10km
epicentral distance) exceeded this threshold, but subsequent events have apparently
not. Therefore it is considered that any event approaching Mw 6 within a radius of
approximately 20 km has the potential to cause significant damage, including the
potential for full or partial collapse, initiating at the west end .
3. Although the damage levels at the east end are lower than the west, it is considered that
2 to 3 more events of a damaging intensity could put the apse in a similar damage state
to the west end.
4. Events of lesser intensity seem unlikely to initiate collapse conditions, but are still able
to dislodge loose masonry, representing a significant health and safety risk.
The probability of a Magnitude 6 or above earthquake in the Canterbury region is understood
to be in the region of 9%.
4.3 DISCUSSION

If the building were to be left as is, it remains vulnerable to further damage including possibility
of collapse from events with a significant probability of occurrence. While it is unoccupied, this
does not pose a threat to human life, but there are other non engineering matters to be
considered, including the current insurance position, the deteriorating condition of remaining
contents, the desire to open up the Square, and the S38 notice. However from a heritage
perspective, it should be noted that further deterioration would make the eventual restoration
of the structure increasingly difficult.

N:\106324\WP\106324RTMar2013 R3.doc

42

Revision 3, 25 March 2013

Taking these into account it is considered that the building must be either shored or
deconstructed. The determination of the appropriate methodology is the remaining question,
requiring consideration of matters outside the scope of this report.
A critical further question is whether or not the extent of damage to the structure precludes the
repair and strengthening of the building insitu, as opposed to rebuilding. It is considered by
HCG that the extent of damage and movement to the structure above sill level has already
compromised the building to the extent that the successful repair and strengthening already
entails significant deconstruction and subsequent reconstruction of most of the building above
sill level, if full restoration were to be pursued.
Techniques for strengthening insitu that may have been effective before the damage occurred
generally rely on a greater level of integrity of the existing masonry than is achievable through
repair above sill level. In many cases also, the extent of movement is too great to be acceptable
in the restored building. This displacement may only be practically eliminated by rebuilding
significant areas of masonry.
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5. SHORING AND TEMPORARY PROTECTION

There is little disagreement in the engineering opinions over the strengthening methods that
must be employed, but there is some divergence in opinion over the possible shoring methods.
It should be acknowledged that there may be many different ways of achieving essentially the
same outcome, but the overall cost and safety outcomes will generally be of the same order.
Consequently we suggest that even in the event of some changes in methodology, the broad
cost comparisons and hence financial modelling will not be heavily affected by this.
However, the objectives of ensuring worker safety (primary) and providing protection to the
building (secondary) are critical. This requires consideration of the respective design objectives
that must be satisfied.
5.1 SAFETY OBJECTIVES

CERA stand as the authority that must be satisfied that sufficient levels of safety for workers
employed in the building may be achieved.
Although there is no specific standard that may be cited for either the required design load level
of temporary shoring works, or for the acceptable installation methodology (with respect to
possible exposure to danger), it is clear that certain objectives should be achieved. In broad
terms, we understand these to be:
1. To offer an acceptable level of protection against the possibility of aftershock events
that might be reasonably predicted, taking into account GNS advice on local seismic
activity. Although this does not translate to a direct ‘code’ load level, it is reasonable
assumed that this may equate to 33% of the current design earthquake for normal
buildings. This must be considered in the context not only of the ductility of the
elements being used for the shoring systems, but also with respect to the deformation
compatibility of the existing building – refer further discussion below.
2. To eliminate exposure of workers to undue risk from building collapse or falling
debris, at least to a level commensurate with normal new building construction
practice. Under this scenario, CERA will not accept methodologies that require
workers to be exposed without protection for even short times such as may be
necessary to locate shoring systems and make connections. This represents a severe
constraint to any work inside the building.
These are the criteria that have been considered in our review of other reports and opinions.
5.2 TEMPORARY PROTECTION OBJECTIVES

The safety objectives are further complicated by the need for consideration of protection of the
building. A shoring system that is being installed in order to provide protection to the existing
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heritage fabric during construction will have failed if the remaining fabric is damaged. There is
a risk management aspect to this as it is clearly not possible or practical to develop a shoring
system that will provide this level of protection under any imaginable earthquake, just as it is
not practical to design a building for the greatest imaginable seismic loading event.
In the design of new buildings, ductility is used, in order to provide a degree of toughness that
will allow buildings to survive events that may be larger than the design earthquake without
collapse; and to reduce the design loads to manageable levels. However the displacement of the
systems must be amplified to allow for the development of this ductility.
In the case of shoring systems, the influence of ductility often becomes more critical, as the
displacement of the system, including any component due to ductility, must be considered in
for compatibility with the existing structure that it supports. For stiff, brittle masonry systems,
this means that the shoring must be stiffer than the structure it is supporting, if it is going to
prevent future damage.
Hence, reliance on high levels of ductility in the design of shoring systems as a means of
reducing the design load level may satisfy life safety objective, but will not satisfy the secondary
objective of protecting the structure.
In many non heritage cases, this may represent an acceptable risk, if the residual structure being
supported has sufficient value that warrants being retained and that may be insured against
further loss. However, if the reason of the shoring is mainly to protect uninsured heritage
fabric, and that cannot be achieved, then there is little point to the shoring.
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6. CONCLUSIONS

In our review of the available reports and opinions prepared by others, we have found no new
information that leads us to consider, from an engineering perspective, that there is an effective
alternative solution that will allow the building to be safely and effectively shored in place
and/or effectively strengthened without significant intervention.
This report has described the methods of assessment employed in our review of the building
since evaluation and strengthening work commenced in 1997, all of which has informed the
consideration of implications of the damage that the building has suffered, and the possible
repair and strengthening strategies.
We are satisfied that the engineering assessment work completed to date has taken into account
all of the known technologies available for this sort of work and applicable to this particular
building, acknowledging that there are always new technologies under development that may
change this position going forward. However, given the severe damage to the existing building,
we do not believe that there is any practical solution on the horizon that offers the appropriate
level of protection in an affordable, practical and safe manner.
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APPENDIX A

A.

A.1

DESCRIPTION AND HISTORY

GENERAL

The Christchurch Cathedral is a well known English Gothic Revival style cathedral located in
centre of the Christchurch CBD in Cathedral Square (refer Figure 2 1). The building has
significant heritage value and is registered in Category I under the Historic Places Act 1993.

Figure A 1 S i t e l o cat io n pl an ( Cat h ed ra l h igh l ig ht ed i n b lu e) .

The overall dimensions of the Cathedral are approximately 22 m by 61 m with a height of about
20 m to the top of the nave roof. The Tower on the West side is approximately 7.2 m square
with a spire rising to 55.4 m.
A.2

BUILDING HISTORY

A detailed history of the Christchurch Cathedral can be found in the Conservation Plan
prepared by Salmond Reid Architects [1]. A written summary is included below for reference.
Figure 2 2 illustrates the construction sequence.
1858 60
Appeal lunched for funds for the Cathedral. Architect Sir George Gilbert Scott contracted
for the initial designs.
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1864
Foundation stone laid.
1865
Foundations laid.
1866
Funds ran out and work ceased
1873
Construction of nave restarts (refer Figure 2 3).
1880
Nave completed.
1881
March
Spire completed (refer Figure 2 5).
December
Slight earthquake damage to spire.
1888
Spire damaged by earthquake (refer Figure 2 6).
1894
West porch constructed.
1901
Spire damaged by earthquake (refer Figure 2 6). Upper 29 feet of spire was rebuilt in timber
framing with light weight copper sheathing.
1903
Contract let for Transept, Apse and Vestries.
1950’s or 1960’s (exact date unknown)
Concrete struts add above viewing platform to strengthen tower.
1960
Vestries extended.
1995
Visitor Centre opened.
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Figure A 2 Ground floor plan showing stages of development of the building
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Figure A 3 Nave under construction c. 1878 [1]

Figure A 4 Cathedral under construction c. 1878 1880 [1]
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Figure A 5 Completed Nave and Tower c. 1888 [1]

Figure A 6 Spire after earthquake 1901 and 1888 [1]
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1999
Stage 1 and 2 seismic strengthening works to Nave & Transept completed.
2002
A portion of Stage 3 seismic strengthening work to Apse and Choir Vestry were completed.
2010
Rose window sustains minor damage during December 26th earthquake.
2011
Cathedral severely damaged during February 22nd earthquake.

Figure A 7 Completed transept and apse c. 1904 [1]

N:\106324\WP\106324RTJan2013 review appendices.doc

A6

Revision 1, 21 January 2013

Figure A 8 Interior of Cathedral c. 1904 [1]

A.3

DESCRIPTION OF STRUCTURE

The staged development of the Christchurch Cathedral has meant that various methodologies
have been used to construct the building.

Figure A 9 Christchurch Cathedral c.2009
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A .3.1 He rit ag e E l e me nt s

Original Nave, Tower, Transept and Apse elements typically consist of unreinforced masonry
walls with heavy timber framed roof elements. Roof cladding consisted of a combination of
Brazilian and Chinese slate supported on diagonal timber sarking. Unreinforced masonry walls
used in the construction of these elements are typically rubble infill walls. Walls of the Nave,
Transept and Apse were typically 900 mm thick. Tower walls were typically 1200 mm thick at
base. In some locations such as the turret stairwells and the Transept arches the rubble infill
was replaced with red brick.
Referring to Figure A 10, the walls typically consisted of dressed stone on the inner and outer
wythes, with rubble infill used to fill the gap between. Canterbury sourced Omarau stone and
Halswell stone were used to construct the outer wythes. Referring to Figure 2 10(a) the
Omarau stone is lighter in colour and, due to its softness, was often carved to form decorative
architectural elements such as kneeler stones, string courses, quoins, reveals etc. The inner
wythe, or ashlar masonry, was typically constructed using Omarau stone and marble. In some
locations such as the Tower and the turrets, the inner wythe was constructed using red brick
masonry units (refer Figure A 10(b)). Observations made on site indicate that good quality lime
cement mortar was used in the construction of the unreinforced masonry walls.
With reference to Figure A 3 the nave columns were constructed using solid Omarau stone.
The Cathedral is founded on shallow footings which extend down approximately 0.5 m to
1.0 m to an underlying competent gravel layer.

(a) North wall of Tower

(b) North wall of Nave clerestory

Figure A 10 Photographs illustrating rubble infill construction used for the Nave and the Tower.
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A .3.2 1960 ’s V es t r y A dd it i o ns

Construction of 1960’s vestry additions consists of reinforced concrete perimeter walls with
stone veneer to match the adjacent existing heritage structure. An exception to this is the north
wall of the Choir (i.e. south) Vestry and the south wall of the Clergy (i.e. north) Vestry. These
walls are not immediately visible to the public and were constructed using partially concrete
masonry blocks.
Timber purlins supported solid timber rafters were used to construct the vestry roofs.
Both vestries are founded shallow reinforced concrete footings. The Clergy Vestry has a one
story deep basement.
A .3.3 S eis m ic St r en gt he n in g

With reference to Figures A 11 and A 12 scope of seismic strengthening completed in 1999
and 2002 included the following items:
1. Five new reinforced concrete shear walls and shallow pad foundations to the increase the
seismic capacity of the building in the north south direction.
2. New wall to roof anchors to tie these elements together and prevent the walls from falling
outward during an earthquake.
3. New reinforced concrete tie beams at the top of the unreinforced masonry walls to act as
continuity elements to tie the walls together and to provide a robust connection between
the wall tops and the adjacent sections of roof.
4. New structural steel cross bracing in the aisle roofs to improve the ability of the aisle roofs
to transfer the east west inertia forces generated in the Nave clerestory during an
earthquake to the resisting north and south aisle walls.
5. New structural steel continuity brackets in the Nave and Transept roofs. The continuity
brackets were installed to ensure that the roofs were able to resist the large tension forces
that were expected to develop within the plane of the roof during a major earthquake.
6. New vertical structural steel brackets adjacent the existing clerestory buttresses. These
strengthening elements were installed to transfer the north south earthquake forces
generated in the Nave roof to the resisting ground floor perimeter walls.
7. New structural steel tie elements and diagonal struts behind the west wall. These elements
were installed to ensure that there was a robust connection between the new reinforced
concrete shear walls and the rest of the west wall and to tie the west end of the building
together.
8. New structural steel struts in the west porch roof. These elements were provided to tie the
west wall of the porch back to the main Nave structure.
9. New structural steel braces at aisle roof level each side of the clerestory. These brace
elements were intended to act as continuity elements to tie the Nave walls together at their
base and resist the axial forces that were expected to develop at these locations during an
earthquake.
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Figure A 11 Ground floor plan illustrating scope of seismic strengthening

Figure A 12 Roof plan illustrating scope of seismic strengthening
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A .3.4 Re f er e nc es

1. Salmond Reid, Christchurch Cathedral A Conservation Plan, Salmond Reid Architects,
Auckland, 2006
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APPENDIX B

B.

BUILDING PERFORMANCE IN SEPTEMBER 4TH &
DECEMBER 26TH 2010 EARTHQUAKES

Holmes Consulting Group was engaged by the building owner to inspect the Christchurch
Cathedral following the September 4th 2010 Darfield earthquake. This chapter summarises the
structural observations made following the September 4th and December 23rd 2010 earthquakes.
B.1

SEPTEMBER 4TH 2010 DARFIELD EARTHQUAKE

Structural observations made following the September 4th 2010 Darfield earthquake confirmed
that the building had performed exceptionally well and that the seismic strengthening had been
effective. Only minor damage was observed and this included the following:
1.

A number of small cracks were observed. Most of these consisted of existing mortar
joints which lost mortar and required re pointing.

2.

Hairline cracks were observed in the upper levels of the Tower above the bells.

3.

Cracking of apex of Nave, west arch through ridge corbel.

4.

Stone cross on the south gable was cracked and was removed for repairs.

Fi gur e B 1: Dam ag e ob s er ve d t o the Tr a ns e pt Ar c h & T ower f ol l ow in g 4 t h
Se pte mb er 2 010 Dar f iel d ear thq uak e.

Temporary restrictions were put in place to limit public access to areas of the Cathedral.
N:\106324\WP\106324RTJan2013 review appendices.doc

B1

Revision 1, 21 January 2013

B.2

BOXING DAY 2010 EARTHQUAKE

More significant damage was observed following the December 23rd 2010 earthquake. Scope of
damage observed included the following:
1.

West stone cross and adjacent capping stones were observed to be loose and were
removed.

2.

Cracking of some of the masonry units and associated mortar joints that form the Rose
Window.

3.

Breakage of south transept windows.

4.

Breakage of protective glass to north transept windows.

5.

Cracking to West Porch.

Fi gur e B 2: W es t wal l & R os e W in do w fol l ow i ng 2 3 r d Dec em ber 20 10
ear th qua ke.

As a result of the damage sustained in the December 23rd earthquake, the Rose Window was
identified as being vulnerable. Further restrictions were put in place to limit public access to
areas of the building including the west wall and the north and south transept gables.
Scaffolding erected to inspect the Rose Window was retained in order to provide additional
security against falling mortar and masonry fragments.
Holmes Consulting Group recommended that a full structural evaluation of the west wall be
undertaken. This process was being initiated when the February 22nd earthquake occurred.
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APPENDIX C

C.

C.1

BUILDING PERFORMANCE IN FEBRUARY 22ND
EARTHQUAKE

EARTHQUAKE SHAKING EXPERIENCED AT THE SITE

The Geonet Project, run by EQC and GNS Science, maintains the New Zealand National Seismograph
Network which consists of a series of strong motion seismometers set up around New Zealand. The
following image shows the location of the four closest monitoring stations to the Cathedral.

Figure C 1 Location of nearby monitoring stations

The strong motion shaking data resulting from the February 2011 Earthquake has been downloaded from
these monitoring stations and processed to obtain acceleration response spectra.
The following graphs plot the acceleration response spectra processed from the Geonet monitoring
stations for the initial main shock of the February 2011 Earthquake. Also plotted on the graphs is the
NZS 1170.5 [1] seismic design loading spectra for a new Importance Level 3 building constructed on the
site scaled to 30% NBS (i.e. the approximate level of earthquake loading predicted by the nonlinear
analysis to caused failure of the strengthened building). For reference the approximate fundamental
period of the building has been plotted on the graphs of the North South and West East directions
respectively.
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6.00

It is apparent that in both directions there is significant variation in the shaking experienced at the
different monitoring sites. This is due to the highly variable ground conditions around Christchurch.
Due to the highly variable ground conditions around Christchurch, it is impossible to determine what the
actual shaking experienced at the site was. However, based on the data described above it is likely that the
shaking experienced by the Cathedral significantly exceeded the seismic capacity of the strengthened
building by a factor of 3 or more.
C.2

OBSERVED BUILDING DAMAGE

Holmes Consulting Group undertook a visual inspection of the Christchurch Cathedral on the 22nd of
March 2012 [2]. Building damage and access limitations meant that the survey was generally limited to the
building exterior and without the assistance of a crane platform. A summary of the observed damage is
outlined below.
C. 2.1 W es t P o rc h

The west porch had been permanently offset from the western wall by approximately 20 – 30 mm.
Moderate damage was observed to south and west walls, and significant damage to north wall (refer
Figure C 4). Damage to north wall included parapet collapse and significant spalling of the north western
buttress. The north portion of roof had collapsed as a result of falling tower debris.
C. 2.2 W es t W a ll

The west wall had sustained severe damage. With reference to Figure C 5, the north buttress and part of
the adjoining section of nave wall had collapsed. The south buttress had become separated from the west
and south nave walls. A number of the capping stones had buckled but remained in place. The wall itself
was significantly distorted.
The Rose Window had become severely compromised by the February earthquake with approximately
50% of the glass lost. Much of the stone structure still remained, albeit in a badly deformed state. A
temporary steel gantry was constructed by USAR to stabilise the west wall for immediate search and
rescue operations and to facilitate possible deconstruction and recovery of the Rose Window.
C. 2.3 T ow er

Complete collapse of the upper section of the Tower to the level of the bell ringer’s ceiling (approx). It is
believed that the failure of the Tower may have in part been initiated by a stiffness incompatibility
between the stiff concrete struts that were installed in the 1950’s or 1960’s and the more flexible original
masonry material. Referring to Figure C 6 subsequent USAR activities took the central section of the
north wall down to approximately 4 m above ground level. The remaining buttress sections were
observed to be reasonably stable. A large crack had developed through the walls of the stairwell at the
southeast corner of the Tower over most of the height of the element.
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Fi gur e C 4: Da mag e ob s er ve d t o the Wes t P or c h [ 2]

Fi gur e C 5: Da mag e ob s er ve d t o the Wes t Wal l [2 ]
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Fi gur e C 6: Da mag e ob s er ve d t o the C ath edr al T ower [ 2]

Fi gur e C 7: D am age o bs er v ed to th e Nor th A i s l e [ 2 ]
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C. 2.4 No rt h a n d S ou t h A is l es

The north aisle had sustained significant damage at the western end due to falling tower debris (refer
Figure C 7). Portions of the north aisle roof sheathing, roof bracing and a rafter had also failed. South
aisle roof bracing had yielded and was visibly sagging.
C. 2.5 No rt h W al l

With reference to Figure C 8 the north wall had sustained significant cracking through the wall piers and
buttresses (i.e. 5 10 mm).
C. 2.6 S ou t h W al l

South wall piers and buttresses had sustained damaged similar to that observed in the north wall.
However with reference to Figure C 9, in this instance the cracks were significantly wider (i.e.
approximately 10 – 30 mm wide). Some glass damage had also occurred as a result of the structural
deformations.
C. 2.7 Na v e

High level clerestory walls in the north western corner were observed to have an outward lean as a result
of the Tower collapse. Moderate levels of cracking were also observed in other areas of the north
clerestory walls. No significant structural damage was observed to have occurred to the southern
clerestory walls.
Nave columns and arches had sustained some damage to stone surfaces, some of which was severe (refer
Figure C 10). Observations made from the ground at that time suggested that the Nave roof appeared to
be in good condition except for localised damage adjacent the western wall.
C. 2.8 No rt h P or ch

The west wall/buttresses of the north porch had sustained damage due to falling Tower debris (refer
Figure C 11). Stone elements that make up the northern gable end have also sustained surface damage.
Falling tower debris had also caused much of the North Porch roof to collapse. Cracks were also
observed in the ceiling.
Observations made from a crane platform at a later date confirmed that a significant amount of Tower
debris had fallen through the North Porch roof and were being supported by the existing attic floor.
The North Turret appeared to be generally in good condition although some glass breakage was observed.
Minor cracking (approx 1 – 3 mm wide) was observed in the supporting stairwell walls.
C. 2.9 S ou t h P or c h

Observed to generally be in good condition except for severe damage to the stairwell wall that supports
the South Turret (refer Figure C 12). The South Turret had been removed and relocated to the grassed
area to the south of the Cathedral in early March. Loose elements of the damaged stairwell wall had also
been deconstructed and logged.
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Fi gur e C 8: Da mag e ob s er ve d t o the n or th Ais l e wal l [ 2]

Fi gur e C 9: D am age o bs er v ed to th e s out h A i s l e wal l [ 2]
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Fi gur e C 10: Da ma ge o bs er v ed to th e Nav e [2 ]

Fi gur e C 11: Da mag e o bs er v ed to th e Nor th P or ch [ 2 ]
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C. 2.1 0

Tr a ns e pt

North and south Transept walls were observed to have sustained significant cracking and damage. The
upper regions had a permanent horizontal offset of approximately 10 mm and 40 mm for the north and
south and walls respectively (refer Figure C 13).
North and south Transept wall gables had also sustained significant cracking. Damage previously
observed to the windows in north and south transept walls following the 23rd December 2010 aftershock
had increased. A number of capping stones on the north Transept wall had shifted. However the cross
and supporting stonework still appear to be sound. Three capping stones at the apex of the south wall
had also shifted.
It was observed that USAR had made temporary repairs to the badly damaged masonry columns that
support the Transept arches. Limited ground based observations indicated that central Transept area was
in poor condition with significant cracking of the western arch keystone noted.
C. 2.1 1

A ps e

North and south Apse walls had sustained severe cracking (10 – 20 mm) and associated glass damage
(refer Figure C 14). The central eastern wall appears to have sustained less damage with no glass breakage
observed from the exterior.
C. 2.1 2

C l er gy V es t ry

Exterior review of the 1960’s addition indicates that the north and east walls, believed to be of reinforced
concrete construction, are largely undamaged (refer Figure C 15). The south wall, believed to be a
plastered concrete block infill wall, has sustained some minor cracking. The original unreinforced
masonry walls have sustained significant cracking.
C. 2.1 3

C h oi r V es t r y

Damage was observed to be similar to that seen to the Clergy Vestry.
C. 2.1 4

F ou nd at i o ns

Results of a geotechnical walkover and desktop study of the Christchurch Cathedral by Tonkin & Taylor
[3] concluded the following:
1.

No significant settlement or differential settlement of the foundations was observed.

2.

No liquefaction or lateral spreading was noted in the immediate vicinity of the Cathedral.

3.

A preliminary liquefaction assessment indicated that free field settlements of up to 20 mm may
have occurred during February 22nd 2011 earthquake.
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Fi gur e C 12: Da ma ge o bs er v ed to th e So ut h P or ch & r el o cat i on o f th e S o uth Tur r et

Fi gur e C 13: Da mag e obs er ve d t o the S o uth Tr ans ept Wal l
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Fi gur e C 14: Da ma ge o bs er v ed to th e Aps e

F igur e C 1 5: Da ma ge o bs er v ed to th e Cl er gy V es tr y
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C. 2.1 5

Da ma g e Su m m ar y

Observations made following the February 2011 earthquake confirmed that the Christchurch Cathedral
was severely damaged.
A significant portion of the unstrengthened tower had collapsed, the western wall had sustained severe
damage and the northern and southern walls were significantly damaged. Other areas of the Cathedral
have sustained lesser, but still significant, levels of damage.
In many instances it was observed that existing unreinforced masonry walls had sustained large diagonal
cracks, or significant permanent horizontal offsets, in the order of 20 – 40 mm, while still maintaining
their ability to support the roof and therefore avoiding collapse.
Earthquake securing and strengthening work completed in 1999 and 2003 was observed to have
performed well and was effective at tie the building together and preventing catastrophic collapse.
C. 2.1 6

P os t F e bru ar y 22 n d Bu il di ng P e r f or m an ce

On going seismic activity in Christchurch following the February 22nd 2011 earthquake has caused further
structural deterioration. Figures 5 16 and 5 17 illustrate additional damage observed after the magnitude
6.0 June 13th earthquake and Figures 5 18 and 5 19 damage observed after the magnitude 6.0 December
23rd 2011 earthquake.
Significant additional structural deterioration occurred as a result of the subsequent earthquakes. This is
significant in that the subsequent earthquakes had a considerably lower intensity than the February 22nd
2011 event. Much of this structural deterioration has been concentrated in areas of pre existing weakness
i.e. widening of existing cracks.
This behaviour is consistent with what has been observed in other damaged unreinforced masonry
buildings. Once significant cracking occurs and cohesion is lost the shear strength of unreinforced
masonry elements is significantly reduced (i.e. typically by around 40% or so). This reduces the ability of
the damaged structure to resist future earthquakes without further deterioration.

Fi gur e C 16: Da ma ge o bs er v ed to th e w es t wal l & s o uth Ais l e w al l f ol l ow in g 1 3 t h Ju ne
2011 ear thq ua ke.
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Fi gur e C 17: Da ma ge o bs er v ed to th e s out h Tr ans ep t w al l & nor th A p s e wal l f ol l ow in g
13 t h Ju ne 201 1 e ar th qua ke.

Fi gur e C 18: Da ma ge o bs er v ed to th e Tr ans ep t Ar ch & T o wer fol l o wi ng 2 3 r d Dec em ber
2011 ear thq ua ke.
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Fi gur e C 19: Da ma ge o bs er v ed to th e s out h Tr ans ep t w al l & nor th A p s e wal l f ol l ow in g
the 23 r d De ce mb er 20 11 .

C. 2.1 7

Re f er e nc es

1.

SNZ, NZS 1170.5:2004 Standard Structural Design Actions – Part 5 Earthquake Actions,
Wellington, New Zealand, 2004

2.

Holmes Consulting Group, Preliminary Post Earthquake Damage Survey, Holmes Consulting
Group, March 2011

3.

Tonkin & Taylor, Christchurch Cathedral – Geotechnical Walkover Assessment, T&T Ref 52161,
Tonkin & Taylor, 2011
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APPENDIX D

M I N U T E S

CATHEDRAL 6 GCBT REVIEW
Holmes

Date:

12 March 2013

Location:

HCG, 2:20pm start

Consulting
Group LP

Present

Adam Thornton (AT)

Dunning Thornton Consultants Ltd

Stefano Pampanin (SP)

University of Canterbury Student Administration

Andrew Brown (AB)

Opus International Consultants

Win Clark (WC)

New Zealand Historic Places Trust

John Hare (HJH)

Holmes Consulting Group

Christchurch
Telephone
+64 3 366 3366
Facsimile

Pre meeting note. GCBT representatives had met at the cathedral prior to the meeting
to walk around the site, accompanied by Stuart Oliver of HCG. The purpose of the
visit was to view the current condition of the building.
MEETING NOTES

AT: Agenda /what we need to achieve. Suggest that goal is to agree whether some
form of stabilisation is achievable or what else might have to happen to make that
achievable.
HJH: A first issue is that we have been asked different questions. HCG question is
how do we see this right through to a finished cathedral. Not just this step but how to
do the following steps. Regarding maximum retention, question becomes what are you
spending, as to what are you saving? HCG view is that a substantial amount of the
stonework needs to be taken down in order to implement strengthening. The QS has
confirmed that the Maximum Retention Option (MRO) offered by HCG ended up
being more expensive than partial removal and rebuilding, even though we have an
undamaged roof. We are in situation as Technical Advisors that we need to give
Church Property Trustees (CPT) the technical advice only and not get drawn in to
emotional responses. Important thing is we can see an outcome.
The next question is adequate safety. CERA has certain expectations, that there should
be no greater risk than on a new building site. Having spent time in there since
earthquakes, I wouldn’t be prepared to ask others to work in there if I’m not prepared
to work there.
We must consider the lateral load resistant of the interim solution, given we are trying
to risk manage both life safety and to save the structure, if implementing the MRO in
any form. The two objectives have different requirements. Have to be assured that

+64 3 379 2169
Internet Address
www.holmesgroup.com

Unit Five
295 Blenheim Road
P O Box 6718
Upper Riccarton
Christchurch 8442
New Zealand

Offices in
Auckland
Hamilton
Wellington
Queenstown
San Francisco
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what we are doing will give reasonable protection if we have another significant
earthquake. The temporary west end frame (for USAR operations and possible Rose
Window extraction) was designed to .5g (compared to 0.13g proposed for the GCBT
system) and yet did not survive the June 13th aftershock.
SP: Can address things one by one.
All agreed issues for an MRO should be:
1. Achieve a final outcome that considers long term strengthening and
restoration
2. This must be achieved within reasonable cost
3. Protection of workers
4. Protection of the building against further damage
5. Retrieval of artefacts
6. Insurance (added later)
SP: With either maximum retention, or deconstruction – we need to retrieve artefacts,
organs etc. In the HCG deconstruction process there still should be a make safe
process, or artefacts will not be retrievable. GCBT team believe this is too invasive to
allow retrieval.
AT: GCBT has a methodology with safety. With deconstruction as soon as the
southern side truss cut off, safety is lost. When talking to contractors to salvage they
would want some safety options. We think that with a few tweaks GCBT scheme will
give a high level of safety.
HJH: Addressing the GCBT proposal. HCG unsure all issues are surmountable. Part
of the difficulty is that it is feasible to put something in there, but it needs to not harm
the structure. The frames are to be slid into place and be ballasted, with limited
knowledge of the floor structure. Geometrically, the form of structure is particularly
unhelpful. Don’t have a lot of faith in the clearances under the nave to side aisle or
nave to transept arches.
The building has deteriorated to the point where we cannot be sure of its stability.
There has been little more deterioration since the December 23rd 2011 earthquake, but
the possibility of a larger event is still significant – 3% per annum currently in
Christchurch by GNS estimate.
One of the worst offsets is to the northeast of the Apse where there is an offset of
approximately 50mm across and outwards, with a visible tilt on that upper section of
wall. Experience has been that stone walls will get to a certain offset and then become
unreliable.
In the interior of the building, the ashlar stonework is coming away in some locations,
but is not mortared up to the rubble behind, so cannot support bearing loads. In
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consideration of supports being introduced, these need to be applied to stone that can
bear the load. This is not straight forward needing guidance from workers, who will be
unprotected.

AT: our system doesn’t rely on this so much. Want to put in alternative support.
Catch frame – close fitting. If you get too close and too tight is not good.
Discussion about support needed and how. (veneer, arches, lateral resistance).
Load Level:
HJH: GCBT scheme uses 34%NBS with a ductility of 2, giving 0.13g. This is simply a
life safety level. When we had .5 on the end frame it didn’t stop it.
AT: The rose window level would have been higher than ground level.
HJH: For the MRO, we were looking at .25g with nominal ductility, to prevent failure
of the structure. Safety to the workers is about how you get it there, safety to the
building is about what you put in there. If it is not able to provide sufficient protection
to the structure, it achieves nothing.
AT: But if you pull it down it’s gone. It is about managing the risk. There is 3%
chance only of it getting accelerations like it did in the big one. And it survived
HJH: We doubt it would survive it again, as it is too deteriorated.
AT: It may survive better as it has softened and would move within it.
SP: Intentions are different. We would provide a lot of timber double leaf jackets
which allow the movement to happen. Lateral resistance is provided by the system.
Each wall will have a double layer. This should be done as a make safe solution. In
your reports it says many times “this should happen a.s.a.p.” but still they have not
happened.
HJH: You must consider the degree and extent of damage, noting where we are now
with complete failure of walls in some cases.
AT: The southern side with diagonal failures across them all. We can deal with that.
But on other side it’s not as bad.
HJH: How will you deal with it? There must be a way to see the project all the way
through to completion of finished building. What is our final repair? Those walls
provide all of the longitudinal support. We believe that the repair and strengthening of
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those walls can only be practically achieved by stripping them and putting in a
reinforced concrete core wall.

AT: This is the stock standard solution. Where we differ is that we don’t think you
have to demolish to do that. To demolish the parapet etc there is enormous cost in
doing that with stone masons.
HJH: All the advice we’ve been getting is that, given QS estimates, it will cost you
considerable more to retain it in place that to take it down to restore.
AT: We differ the amount of damaged stonework is less than 15%. Actual bits you
have to deconstruct outside stone are not that high a %. Cost of stonemasons to do it
block by block is high and NZ QS don’t have a clue.
HJH: We understand they have spoken to stonemasons. Difference is not in the
volume but the location of the damaged stones. Below sill level is fine. But on the
south face and walls above there is no way of locking it in place because there is too
much movement above that level.
AT: In some places 50mm, but some places only 10mm.
HJH: There are two types of stone – the hard volcanic stone and Oamaru stone
detailing, which has been generally badly damaged. The outer stone wythes are not too
difficult to do, from experience, e.g. Arts Centre, Ohinetahi. The expense of trying to
keep it high level stonework in place while replacing areas is not feasible.
Strengthening:
HJH: Have you developed a final solution?
AT: No.
SP: The temp stabilisation can stay there for 30 years, as the S38 notice does not have a
timeframe.
HJH: That is not possible regardless of the law. CPT needs an outcome.
AT: Agrees that their system will be secure enough to preserve the building but not to
use it as a church. When the walls where intact we got more out of it, than now when
the walls are not intact.
HJH: The building is already at the point of instability. We have had a whole series of
failures in there.
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SP: The jacketing will do a good job of confinement. The arches have been working
quite nicely.
AT: We couldn’t see any damage from the steel trying to rip itself out of the masonry.
Instead the rafters broke, so the steelwork was good.
HJH: I would have thought the masonry (from the tower) would bounce off the roof
but it didn’t. I was surprised and disappointed at how damaged the roof was. We
realise how effective the bracing has been in the past. But even with the “sandwiching”
at some point you have to say enough is enough. Could you put anything in there that
will give a long term solution?
AT: Another step would be to provide some sort of bracing for longitudinal strength.
The damage has mostly been longitudinal damage. So we can beef up strength. But
that is not an argument not to do anything.
HJH: As a means of allowing a certain outcome, you will have to spend more on
temporary stabilisation than on the strengthening. AS you provide more strength to
satisfy further support requirements, you will have a greater imbalance between that
and what you can spend on the final strengthening, which can be more economically
achieved through partial deconstruction. The question may be whether it is the same
building if you deconstruct and rebuild, from a heritage perspective?
SP: But you will need that amount of propping to rebuild also.
HJH: We have told the QS that constructing a new cathedral will require shoring, but
not as much as strength is built in as you go. You need a methodology that allows a
final strengthening system to be in place or there is no long term protection. This
building has no insurance. If something goes wrong who incurs the loss?
AT: If you are to deconstruct it in a safe manner it will cost a lot more than retaining.
With our scheme until you complete it there will be an ongoing risk to the building.
HJH: You need to understand that the building and contents are uninsured and
everything about it is uninsurable. This causes CPT problems. If they get it down to a
safe level then at least they cannot incur any more loss.
SP: the costs can be picked up by others if it’s uninsured if they’re prepared to pay.
AT: Church not interested in that view (investors).
AT: Our view is even if you dismantle it, you need a stabilisation like this anyway.
HJH: But if it still needs to come down then you have simply delayed it.
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AT: How can it be dismantled without stabilisation? Says on last page of contractors
methodology it may not be possible so could resort to demolition.
HJH: I believe it will be done bay by bay. Don’t believe it needs anything like the
stabilisation GCBT recommend to deconstruct it.
AT: once you demolish the porch and you get another event your global stability is bad
surely?
HJH: The roof at present is not connected to the west wall so provides only weight,
not stabilisation. The clerestory walls would be stepped down, proceeding from the
west, relying on the uprights from the side aisle bracing for support, as it currently does.
In our view, considerably less support is required.
AT: Safety and practicality? It strains my credulity to be able to do that with men in a
cage.
HJH: Even assuming then that your proposal is adopted, who is taking responsibility,
i.e. liability for the system?
AT: GCBT team considers that this remains with HCG, i.e. the GCBT engineers will
act as advisers only to CPT and HCG.
Questions (GCBT will supply formal response, but there was discussion on the
options. Response was requested within one week.):
1. What are the advantages for latest GCBT scheme as compared with the
Holmes MRO?
AT: Difference is this scheme gives adequate level of worker safety that would satisfy
CERA.
Discussion about strapping/ballasting structure between AT and HJH. Discussion
about flexibility and stiffness. AT stated that essentially there will be a truss frame in
there, ballasting it away from existing foundations. AT demonstrated his point of view
with a sketch. HJH expressed concern about possible impact of ballast on unknown
floor structure with basement under parts – what if ballast punches through – further
destabilising force.
HJH: Design objectives, we need to be clear.
AT: locally or globally? We could lose a wall but will keep the structure as a whole.
2.

Is GCBT scheme feasible?
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HJH: Can it physically be done? Have a few reservations. That shoring has to be
inserted the middle and then clear the space below the arches. This is even harder at
the Transept end.
AT: 100 step process (HJH has seen on PowerPoint presentation). Can assemble bits
and push them through.
HJH: IT may be technically feasible but it needs to be practically feasible within a
reasonable budget. Cannot be safe assembling something under the arches.
AT: once you have a couple of towers, you can reuse these again and again.
SP: they are using robotic a lot now in Australia and Asia. They are out there. PERIs.
HJH: should be no less safe than an average construction site.
AT: Scaffold guys think it’s feasible. Leigh’s construction has had a good look at if.
HJH: Cannot say yes or no without more detail. If cost becomes too great again it’s
not feasible.
3.

How does the GCBT scheme provide continuous protection to workers?
What are the risks?

AT: Believes the dismantle option does not do that. GCBT has considered it no less
safe than a construction site, within an acceptable contract operation. Every step is
checked for hazards etc as per normal. Not exposing contractors to a greater risk than
normal. GCBT have a price from a contractor an estimate only.
AT: Feels he has not seen a feasible deconstruction method that is safe.
HJH: Need to address more risks than safely. Who takes cost risk, design risk? Need
to address all.
4. What impact does the GCBT scheme have on the building interior and
heritage artefacts?
AT: gives a very high option of retrieval of all artefacts. With limited drilling etc. Use
window openings as much as possible. Don’t feel it poses much risk to the artefacts.
5. To restore the Cathedral in the safest, most cost effective manner how would
you do it?
HJH: We looked at main possibilities; we believe it will be concrete mostly.
AT: Would agree that this is a method that mostly be agreed on.

P A G E

8

HJH: There will be other methods but that is the main one. A bigger issue for the
clerestory columns is the splitting and movement in the arches. The clerestory high
level is safe, but anything below the side aisle roof intersection is unsafe.

SP: Tie the columns.
HJH: The movements are happening at a higher level.
Discussion followed about supports/movements, with general agreement on final
strengthening solution.
6. In order to implement the latest GCBT scheme do any parts of the building
need to be deconstructed? If so to what extent?
AT: The west entrance/porch between the clear storey columns.
7. Are there likely to be any further areas of deconstruction that are not
identified in the current GCBT methodology during the works?
Answered above. Not agreed yet on what needs to be deconstructed.
8. What about the cross arches? Doesn’t GCBT scheme release the tension on
the arches causing an unknown effect/impact?
AT: not proposing to take gravity load off the existing structures. Where they exist it
has beneficial effect.
9.

How does the GCBT scheme deal with the water in basement areas and
the foundations?

HJH: There is now about 2 feet of water since the earthquakes, but not sure whether it
was ever fully dry.
AT: Once stabilised we can get in there and address it. Don’t feel it needs to be
addressed at this stage.
HJH: We don’t think there has been gross movement of the foundations. The floor
may not have been completely level prior. However, HCG is concerned about putting
the implied shoring loads on the floors. Note that there is a basement, mainly under
the east end and parts of the transept, but the exact scope is not fully clear and there is
no plan available.
10.
How are the loads from the bracing systems carried on the ground floor?
As per questions 9.
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AT: A combination of ballast and ties to the walls and columns. The forces aren’t that
high.

HJH: This must be verified. Lot of load has to be picked up by the frame, if the
building is to be properly stabilised.
11.

What about the apse?

AT: looked at this today – it is relatively undamaged. We don’t know enough about
that area, or about the steps in the floor as you go into the altar. Organ is there and
that takes up one of the bays of the structure. GCBT team has made some allowance
for the apse.
SP: as much as possible would be done from the outside.
AT: by time you got to that would have good global stability.
HJH: Don’t agree with this – it is not so easy to see the extent of damage to the apse,
but it is there if you look closely, particularly on the northeast face, where there is a
significant offset. This also will need to be comprehensively addressed.
12. How are the connections made to stonework from under frames?
AT: walls would be clamped and arches would be supported with soft packing on
formed supports.
Discussions about frames, looking at the drawings.
13.
How are the transept support frames positioned, given that the arch is
lower and there are steps up to a higher level?
AT: wouldn’t be providing any bracing elements at this stage. Proposed a system of
hydraulically erected shelters and supports
HJH: These will not supply lateral restraint if you are jacking a considerable height,
which you will need to do
AT: Lateral support provided later, but this gives protection form above in the first
instance.
14.

How are the walls strengthened and to what level?

AT: An ideal solution to the building would be base isolation, but that wouldn’t be a
given as you have to do so much work on it to get it to be able to be base isolation.
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HJH: That possibility was considered, but would ideally have been done before the
earthquake and the Cathedral never had that much money. The amount of repair and
strengthening work required now means that base isolation is probably not needed to
get the level of protection required.

15. If the walls are not deconstructed, how will you account for the offsets in
the walls?
AT: The extent of those offsets is quite small. GCBT team propose cementing in a
small offset something less then 20 30mmm. Other elements like the big transept
gables mullions could be supported temporarily while top and bottom stonework is
replaced and the middle portion moved back into position.
HJH: Secondary items are not a significant concern due to the amount of repair
required. In that example, it will be better to take the window out for protection and
repair, in which case you would take the whole mullion out and put it back in, probably
with steel in it. This discussion should be about what you’re doing with the major
elements.

HJH summarise:
The question is from an overall perspective (i.e. considering the objective of a useable
cathedral), what is to be achieved here? Engineers alone can’t resolve this. We need to
put technical information to the owners and they need to decide, based on other factors
also.
AT summarise:
GCBT team believe that the scheme that we have could be achieved safely with some
modifications but with the costing you’ve had you don’t believe that it is a satisfactory
route to the final solution.
HJH: Yes, that is fair. We could say that on the basis of what we did previously on the
MRO option, which amounted to the same thing in principle. However, no one was
convinced they’d be further ahead at the end of it due to the cost of the temporary
works. In effect, you only save the roof because much of the rest of the building has to
be pulled apart and put back together again. What you have provided is an alternative
proposal to getting it there but difficulty is timing, risk and other factors out of our
control. Nothing is insurmountable, but it has to be surmountable at a reasonable cost
WC: Focusing on technical issues, there is still a lot of work that needs to be done on
how both schemes will work in detail. GCBT team provides a basis but it is still only a
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basis. There is stonework, both inside and external. Needs more detail about how to
stop the stonework from unravelling. Clamping of the stonework there is a lot in that
and how the stonework performs and the frames (frames need an element of
flexibility). How would you ultimately strengthen it? Doesn’t agree concrete is the
solution for this building. Is keen to look at a grouting for the stonework and cross
tying and a further technique where you tie the ends of the transverse ties to form
basketing. There is a lot of work currently going on with this type of building with
intervention strategy that gives you load capacity
HJH: Agreed that these techniques are under development, but seem more applicable
to smaller buildings that are cellular in nature and not as severely damaged. The issue
remains that the church owns a site and wish to be able to use it – that cannot happen
while it is ‘in limbo’.
Meeting finished, 5:00pm
Circulation: All present, Marcus Read (RCP)
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